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This thesis is a continuation of the work reported by Schaap (2004) and
Hungerford (2004) as a part of TXDOT Project 0-4124. TxDOT Project 0-4124
ams to investigate structurally efficient, cost-effective, and practical ways to
post-install shear connectors to increase the load carrying capacity of bridges
originally designed as noncomposite. Using a direct-shear test setup, the
structural  effectiveness of alternative post-installed shear connectors was
evaluated through cyclic tests. Additional tests were conducted to examine the
load-dlip behavior of these post-installed shear connectors under monotonically

increasing shear loads. The ingtallation processes of each shear connection

vi



method were also evaluated and their feasibility in a field application was
determined.

This thes's presents results from 8 static tests, 20 high-cycle fatigue tests,
and 10 low-cycle fatigue tests, conducted on post-installed shear connectors and
the cast-in-place welded shear stud. Two post-installed shear connectors were
determined to be structurally efficient and constructible and are recommended to
be further tested in full-scale beam tests.
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CHAPTER 1

Introduction

1.1 OVERVIEW

An increasing number of bridges in the United States have design load
capacities close to or below the loads expected to be imposed on them As
bridges age, it becomes uneconomical to maintain those whose capacity is
significantly less than the expected load. In the United States, nore than 80,000
bridges face replacement due to insufficient load-carrying capacity, size or
geometry. Some 6000 of these bridges are located in the state of Texas aone
(National Bridge Inventory 2006).

It is undesirable to replace bridges that are structurally sound and well-
maintained, smply because they cannot meet projected demands. It would be
more efficient and economical to keep such bridges in service by finding cost-
effective ways of increasing their load capacities. For steel girder bridges, one
way of doing this is by making their concrete decks act compositely with their
underlying stedl girders.

Composite construction has been used in bridges and buildings since the
1930’'s. It implies connecting one or more components of a structure so that they
resist loads as a single unit, with a load-carrying capacity greater than what could
be achieved if the components acted separately. In bridge construction, the steel
girder and the concrete slab can be made to act together in flexure by installing



shear connectors between the girder and the dab (Viest et al. 1997), increasing the
flexural capacity of the bridge by more than 50 percent?.

In new bridge construction, composite action is typicaly achieved by
welding shear connectors (shear studs) to the top flange of the steel girder and
casting the dlab on top. In nortcomposite bridges on the other hand, composite
action is achieved by using post-installed shear connectors. While such
connectors are not common, they can be a promising, cost-effective aternative to
the demoalition of a bridge with an insufficient load rating. This study focuses on
finding cost-effective, straightforward and practical ways to create composite

action in bridges originally designed to be non-composite

1.2 OBJECTIVESOF TXDOT PROJECT 0-4124

TxDOT Project 0-4124 aims to investigate structurally efficient, cost-
effective, and practical ways to post-install shear connectors o increase the load
carrying capacity o bridges originally designed as non-composite. The work
required to fulfill the objectives of this study comprises @ght tasks, shown in
Figure 1.1 and listed here:

» Review the available technical literature to gain insight on composite beam
design, shear connector behavior, and American Association of State
Highway and Transportation Officids (AASHTO) composite design
provisions.

= Survey typical bridges in the state of Texas that display non-composite
behavior to develop a prototype bridge for the modeling of experiments.

» Select shear connectors to be tested based on structural effectiveness,
constructability and cost.

! Engelhardt, M.D. and Klingner, R.E. (2002), Proposal for Project 0-4124, 2002
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Test single shear connectors under static loading: Identify shear connectors
that display strength and stiffness comparable to those of a typica cast-in-
place welded stud. Select shear connectors for further evaluation.

Test the selected shear connectors in high-cycle fatigue: Select shear
connectors to be further evaluated under full-scale composite beam testing.
Test a full-scale composite beam to obtain information on load-deformation
response, ultimate strength, and constructability.

Make cesign recommendations for using post-installed shear connectors in
steel bridges originally designed as non-composite.

Submit a project report with study results and recommendations.

Literature Review

v
Survey of Typical Existing Bridges

v
Identify Methods for Post-Installing Shear

Connectors

Single Shear Connector Tests- Static

v

Single Shear Connector Tests- Fatigue

v

Full-Scale Composite Beam Tests

v

Recommendations for Design

v
Project Report

Figurel.1l: Research Tasksfor TXDOT Project 0-4124
3



1.3 OBJECTIVESOF THISTHESS

The primary objectives of this thesis are to evaluate the performance of
candidate post-installed shear-connection methods under cyclic loads, and to
recommend at least one for testing in the full-scale bridge deck. In composite
bridge design not only static loading, but aso cyclic loading is a concern due to
the presence of moving vehicle loads. Therefore, post-installed shear connectors
must have a long fatigue life. This thesis focuses on the fatigue life of shear
connectors loaded in shear under service loads and overloads. Secondary
objectives include the following:

= Determine the load-dlip behavior of shear connectors under static

loading;

=  Compare load-dip data to results of Schaap (2004) and Hungerford

(2004);

= Summarize fatigue data collected by earlier researchers on cast-in

place welded shear studs;

= Compare the fatigue performance of post-installed shear connectors to

that of welded shear studs;

» Evauate the constructability of each considered shear-connection

method; and

= |dentify and recommend a shear-connection method that is structurally

sound and constructible.

14 SCOPEOF THISTHESS

This thesis is a continuation of the work reported by Schaap (2004) and
Hungerford (2004) as a part of TXDOT Project 34124. Those studies, which
focused on the responses of single shear connectors under static loading,
recommend that particular post-installed shear-connection methods be studied

4



further under fatigue loading. That is the work described here. This thesis also
addresses the ultimate static strength and load-dlip behavior of those shear-
connection methods.

This thesis consists of seven chapters plus several appendices. Chapter 2
provides a summary of AASHTO specifications on the design of shear connectors
in composite bridges and background information necessary to assess the fatigue
performance of these connectors. Chapter 3 summarizes the research of Schaap
(2004) and Hungerford (2004) on field surveys, the static load-dlip behavior of
post-installed shear connectors and the criteria used to recommend particular
connectors for further study. In Chapter 4, the test setup is described; the
mechanical properties of materials used in this study are provided; the installation
process for each candidate shear connector is given; and testing procedures for
static and cyclic tests are explained. Chapters 5, 6, and 7 respectively include
data collected for cyclic and static tests; significance of those data; and a
summary, conclusions, and recommendations for connection methods to be used

in the full-scale beam tests.



CHAPTER 2
Background and Literature Review on the

Fatigue Behavior of Shear Connectors

2.1 INTRODUCTION

Fatigue is a primary cause of failure of metals that resist cyclic loading.
Under fatigue loads a structural component can fail at dress levels well below its
static ultimate strength, sometimes without warning.  This is due to the
propagation of a fatigue crack through the cross section of the component, which
in time reduces the component’s load carrying capacity, or can reach a critical
sizeto initiate brittle fracture.

Shear connectors in composite bridge floor systems are subject to loading
from moving vehicle loads, and are susceptible to fatigue. Therefore, it is
essential in the design of composite bridges to ensure that shear connectors have
adequate fatigue endurance as well as strength (Oehlers and Bradford 1999).

In this chapter, background information is provided on current design
methods for shear connectors in composite bridges. Literature that has been

published on the fatigue behavior of shear connectorsis a'so summarized.

2.2 AASHTO PROVISIONSFOR SHEAR CONNECTORSIN COMPOSITE BRIDGES

AASHTO provides guidelines for the design of bridges in the U.S. Until
recently only allowable stress design (ASD) and load factor design (LFD) were
used in AASHTO provisons and made available through the publication,
AASHTO Sandard Specifications for Highway Bridges. Since 1994, AASHTO
LRFD Bridge Design Specifications has also been published utilizing load

resistance factor design (LRFD). Both sources have specifications for the design
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of composite beams and shear connectors. From this point on, AASHTO
Standard Specifications for Highway Bridges will be referred to as AASHTO
ASD or AASHTO LFD in this thesis, depending on the type of design method
discussed. AASTHO LRFD Bridge Design Specifications will be referred to as
AASHTO LRFD.

In this section, the most recent requirements for the design of shear
connectors in composite bridges are presented. Design requirements using
AASHTO LRFD, AASHTO ASD and LFD will be discussed AASHTO
specifications referenced in this thesis are AASHTO Standard Specifications for
Highway Bridges 171" Edition (AASHTO 2002) and AASHTO LRFD Bridge
Design Specifications 3" Edition Interim 2005 (AASHTO LRFD Interim 2005).

2.2.1 Provisionsfor Shear Connectorsin AASHTO Standard Specifications
on Highway Bridges

Design requirements for shear connectors in AASHTO are the same for
both ASD and LFD. Section 10.38 of AASHTO ASD deals with the design of
composite girders and it is al'so referenced in Section 10.50 of AASHTO LFD. In
Section 10.38 shear connectors are required to satisfy fatigue load and static load
criteria separately. Shear connectors are typicaly first designed for fatigue loads
and then checked for ultimate strength.

The design for shear connectors starts with an initia selection of the
number of shear connectors needed in a bridge cross section. Next, the alowable
range of horizontal shear force on a single welded stud (with a height-to-diameter
ratio greater than or equal to 4), is calculated using Equation 2.1 (AASHTO ASD
10.38.5.1.1).



Z =ad? (2.1)

Where: a = 13,000 for 100,000 fatigue cycles

10,600 for 500,000 fatigue cycles
7,850 for 2,000,000 fatigue cycles
5,500 for over 2,000,000 fatigue cycles

d = diameter of stud (in.)

This equation is the result of the work done by Slutter and Fisher (1966); a
study described in detall later in this chapter.

Since AASHTO provisions consider the effects of fatigue at service loads;
the response of a composite bridge is calculated using elastic theory. This leads
to the horizontal shear present per unit length of the beam, S;, also known as shear
flow, to be determined using Equation 2.2 (AASHTO ASD 10.38.5.1.1).

§=n2 22)

Where: V, =range of shear at cross section due to live and impact |oads

(kips)

Q = first moment of area of the transformed concrete section
under compression, about the neutral axis of the composite
section (ir?)

| = moment of inertia of the transformed composite section (irf)

Once the shear strength of a welded stud and shear flow are determined,
the spacing of shear connectors at a bridge cross section can be calculated with
Equation 2.3 (AASHTO ASD 10.38.5.1.1).
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Where: s=required spacing (center-to-center) of shear connectors (in.)
SZ, = the sum of the alowable range of horizontal shear on all
connectors at cross-section (kips)

After the spacing of shear connectors are determined under fatigue
provisions, this value must also be checked for ultimate strength requirements.
These requirements utilize plastic theory. The force in the dab is taken as the
smaller of either the ultimate strength of the steel in tension (Equation 2.4) or the
ultimate strength of the concrete in compression (Equation 2.5) (AASHTO ASD
10.38.5.1.2).

P =AF (2.4)
P, = 0.85f,'bt, (2.5
Where: P; = ultimate strength of steel (kips)
P, = ultimate strength of concrete in compression (kips)
As = area of steel including cover plates (irf)
Fy = specified minimum yield strength of steel (ksi)
fc¢= 28 day compressive strength of concrete (ksi)
b = effective flange width (in.)
ts = thickness of concrete slab (in.)

To determine the number of shear connectors required, the ultimate
strength of single connector, S, is heeded and is given in Equation 2.6 (AASHTO
ASD 10.38.5.1.2). This equation was developed by Ollgaard et al. (1971) and
suggests that the static strength of a shear connector depends on its diameter, the
strength of concrete, the elastic modulus of concrete, and the tensile strength of

the shear connector.



S, = 04d?[f.'E, £ 60,000A, (2.6)
Where: d = diameter of stud
f&= 28 day compressive strength of concrete (ksi)
A = area of shear connector (irf)

E. = modulus of elasticity of concrete (Ib/ir?) given asin
Equation 2.7:

E, = w?233,/T_’ @27
Where:  w = unit weight of concrete (Ib/ft3)

Finally, the minimum required number of shear connectors at a cross
section is calculated using Equation 2.8 (AASHTO ASD 10.38.5.1.2).

P
IS

N, (2.8)

Where:  Ni = minimum number of connectors between points of
maximum positive moment and adjacent end supports
P = lesser of Py or P, (kips)
f = reduction factor = 0.85
General requirements are also given in AASHTO for shear connectors and
are the same for both ASD and LFD design. Shear connectors are required to be
mechanical anchors and “... shall be capable of resisting both horizonta and
vertica movement between the concrete and the stee” (AASHTO ASD
10.38.2.2). A minimum embedment depth of 2 in. is specified for shear
connectors, with a minimum clear cover requirement of 2 in. (AASHTO ASD
10.38.2.3). Edge distance and longitudinal spacing requirements are also given in
Section 10.38.2.4. The edge to edge clear distance between the girder flange and
the shear connectors must be greater than 1 in. Also, adjacent shear connectors
must be at least 4 in. apart on center (AASHTO ASD 10.38.2.4).

10



The location of shear connectors is discussed in AASHTO ASD Section
10.38.4.2. Shear connectors are to be placed in either positive moment regions or
throughout the entire length of a bridge. In the case of a continuous span bridge,
shear connectors may be placed in the negative moment regions if the reinforcing
stedl in the concrete is considered as part of the composite section (AASHTO
ASD 10.38.4.2).

2.2.2 AASHTO LRFD Bridge Design Specifications on Shear Connectors
AASHTO LRFD follows the same design procedures as AASHTO ASD

and LFD for shear connectors. A number of shear connectors in a cross section is
chosen and the spacing (pitch) is determined based on fatigue provisions. The
selected number of shear connectors is then checked for ultimate strength
requirements. General provisions for shear connector design in AASHTO LRFD
arethe sameasin AASHTO ASD.

AASHTO LRFD provisions enforce the use of somewhat different
equations for determining the strength of a shear stud under fatigue and static
loads compared to AASHTO ASD. Equation 2.9 shows the shear resistance of a
single connector, Z,, for fatigue loading, given in AASHTO LRFD Section
6.10.10.2. This equation is same as Equation 2.1, except with a lower limit,
below which the connector is not expected to fail. Z has units of kips as in
Equation 2.1.

55d°

Z =ad®® (2.9)

a=345- 4.28logN (2.10)
Where: d = diameter of stud (in.)
N = number of fatigue load cycles specified in AASHTO LRFD
Article 6.6.1.2.5 for a bridge with adesign life of 75 years.

11



The unfactored shear strength of a shear connector, Qn, is given in
AASHTO LRFD Section6.10.10.4.3 and is presented here as Equation 2.11.

Q, :OSAW/ f.'E. EALF, (2.12)
Where: F, = specified minimum tensile strength of a stud (ksi)
Note that Equation 2.11 is identical to Equation 2.6.

2.3 FATIGUE BEHAVIOR OF SHEAR CONNECTORS

This section summarizes literature published over the last severa decades
on the fatigue behavior of shear connectors. Early studies led to the devel opment
of current AASHTO fatigue design provisions for shear connectors. More recent
publications have been geared towards optimizing or refining current design
provisions.

In the following subsections, testing procedures, main results and
conclusions of previous research on high-cycle fatigue and low-cycle fatigue
behavior of shear connectors are presented. Testing procedures and results of all
research discussed here served as a guideline and benchmark for experiments

conducted as a part of thisthess.

2.3.1 Previous Research on Shear Connectorsunder High Cycle Fatigue

In AASHTO provisions prior the 1970's (AASHO at the time), fatigue did
not govern the design of shear connectors in composite bridges. A composite
member was designed to reach its ultimate flexural capacity before the shear
connectors yielded. That is, shear connectors were designed for the interface
shear computed based on elastic analysis of the transformed section, following the
shear diagram for the member. That is, the shear flow was computed at ultimate
load using Equation 2.2. Consequently, fatigue did not control shear connector

design. The resulting design, however, was conservative and required a large

12



number of shear connectors to be placed along the span of a bridge (Slutter and
Fisher 1966).

As design provisions proved to be uneconomical and inefficient, many
researchers started focusing on ways to change the design of composite bridges so
that the number of shear connectors could be reduced. This was accomplished by
using plastic analysis to determine the interface shear at ultimate |oads (Equations
2.4 and 2.5). This reduced the number of shear connectors needed for static
ultimate loads on the bridge. However, this resulted in the need to consider the
effect of fatigue loading on shear connectors. Since, the design provisions at the
time relied solely on static strength tests, new research was required to assess the

behavior of shear connectors under cyclic loading.

2.3.1.1 Methods used for Testing Shear Connectors under High-Cycle Fatigue

High-cycle fatigue is associated with the application of cyclic loads at
service levels and fatigue failure after a high number of loading cycles. The types
of tests that have typically been used to investigate the fatigue endurance of shear
connectors are beam tests and push-out tests. Most fatigue tests have been
conducted using pushout tests and their results are the basis for current AASHTO
provisions. Although beam tests more accurately represent actual conditions on a
bridge, the fatigue behavior of individual shear studs cannot be monitored.
Further, beam tests are more costly than pushtout tests. Push-out tests, on the
other hand, can be constructed faster and closer inspection of the behavior of
individual shear studs is possible (Slutter and Fisher 1966). This point, however,
was challenged by Oehlers and Foley (1985) and later Gattesco and Giuriani
(1996), who argued that push-out specimens do not provide a good indication of
individual stud strength. They attribute this mainly to the boundary conditions
used for the concrete and steel as well as the use of average values to determine

13



individual connector strength. Furthermore, they argue that the type of boundary
conditions used in tests can influence the fatigue behavior of a shear connector.

In a push-out specimen two concrete dabs are typically attached to the
flanges of a steel beam with shear connectors. Load is applied to the steel beam
in cycles until the connectors fail in fatigue. Variations of push-out specimens
have also been used. For example, specimens used by Slutter and Fisher (1966)
consisted of only one concrete dab attached to a flange of a steel beam with four
shear studs. In these tests, load was applied to the edge of the concrete block.
Badie et a. (2002) used one L-shaped concrete slab attached to a steel beam.

Push-out tests have varied aso in the number of shear studs used in each
test. Typicaly four shear studs are welded on each side of a steel beam.
Mainstone and Menzies (1967) chose to use only two studs on each side while
Badie (2002) used eight shear studs for one group of specimens.

Almost all researchers prevented bond at the steel-concrete interface of
test specimens. This was done to eliminate any additional composite action due
to adhesion.

Typica instrumentation used for fatigue tests have consisted of strain
gages, dia gages, and displacement transducers to measure slip and separation
between concrete and steel and individual connector behavior. Lehman et al.
(1965), Mainstone and Menzies (1967), ad Badie (2002) applied an initia
monotonic loading cycle to specimens prior to fatigue loading. Slip and
separation were measured via dial gages and was typicaly used for comparison
with data from supplementary static tests. Load and slip values were dso taken
intermittently throughout some tests (i.e., Roberts and Dogan 1997). Researchers
such as Mainstone and Menzies (1967) and Badie (2002) took specimens that did
not fail at the end of cyclic loading and tested them statically up to failure. Load-

slip data was recorded during the monotonic loading of these specimens. Strain
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gages have mainly been used in beam tests where they are attached under the top
beam flange below shear studs. This helped researchers qualitatively determine
when a shear stud failed (i.e., Toprac 1964).

Most tests for high-cycle fatigue have been load controlled (except
Roberts and Dogan 1997 used displacement control), with typically a single stress
range and loading frequency used for each specimen. The range of loading
frequencies has been between 0.1 Hz used by Ryu (2003) and 8 Hz used by
Slutter and Fisher (1966).

2.3.1.2 FactorsInfluencing the Fatigue Life of Shear Connectors

The main objective of most past research discussed here was to determine
the factors that influence the fatigue endurance of shear connectors. For example,
Lehman et a. (1965) conducted fatigue tests on 3/4-in. diameter studs in
lightweight concrete to compare results to those for regular concrete. Slutter and
Fisher (1966) investigated the effect of stress range, minimum stress, and load
reversal on the fatigue life of 3/4-in. and 7/8-in. diameter studs. Similarly,
Mainstone and Menzies (1967) looked into the effect of four different ratios of
minimum to maximum shear. Badie (2002) focused on the esting of larger
diameter studs (7/8-in. and 1-1/4-in. diameter) and their response to fatigue loads.

Slutter and Fisher (1965) and Lehman et al. (1965) found that stress range
is the most important variable affecting the fatigue life of a shear connector.
Stress range is defined as the difference between the maximum and minimum
stress acting on a connector, where the average stress is calculated based on the
effective tensile stress area of a stud. Minimum stress was observed to have an
influence only br reversed loading cases (Slutter and Fisher 1966). Johnson
(2000), citing the work of Oehlers (1990), states that the maximum load applied
to a shear connector hasa small influence below load levels that are about 60% of
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the connector’s static shear strength Loading frequency was reported to be
insignificant to the fatigue life of shear connectors (Nakajima 2003).

Slutter and Fisher (1966) found no significant difference between the
behavior of 3/4-in. and 7/8-in. diameter studs. Badie et al. (2002), found 1-1/4-in.
diameter studs to have longer fatigue lives compared to 7/8-in. diameter studs.
They also determined that 1-1/4-in. diameter studs did not fail at stress ranges
below 16 ks and 7/8-in. diameter studs did not fail at stress ranges below 15 ksi.

Concrete strength was found to not have a significant effect on fatigue life
(Slutter and Fisher 1966). Mainstone and Menzies (1967) determined that the
deformation and strength of concrete to an extent influences the stresses at the
weld of astud. They believe the influence will be increased for a more flexible
connector. The study by Lehman et a. (1965) showed no significant difference
between the fatigue behavior of shear connectors (3/4-in. diameter) in lightweight
and regular concrete.

Lehman et a. (1965) indicate that no direct relationship can be drawn
between the dip and fatigue life of a shear connector, however, distinct dlip
characteristics can be observed under fatigue loading. They report an initia
gradual increase in dip followed by leveling of the dlip curve with little increase
up to failure. A sudden increase in the rate of dip was observed as specimens
reached failure, which they believe can be used as a failure criterion in both beam
and pushout tests. Roberts and Dogan (1997) indicate that the sudden increase in
dip occurs smultaneously with the propagation of fatigue cracks through a
connector, which leads to a reduction in stiffness. For a constant stress range,
Mainstone and Menzies (1967) observed reduction in te range of dip with
increasing load ratio (increasing mean load).

Early beam tests suggested that no direct relationship exists between the
static and fatigue strength of shear connectors (King et a. 1965, and Toprac
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1965). This was later determined also by Slutter and Fisher (1966) and became
the basis for AASHTO provisions, where the static strength of a connector is
treated separately from its fatigue strength. This concept was later challenged by
Mainstone and Menzies (1971), Oehlers and Foley (1985), and Oehlers (1990)
who found that the ultimate strength of a connector decreases once fatigue loads
are applied.

Slutter and Fisher (1966) suggested that most connectors in a bridge
experience loading in one direction. Mainstone and Menzies (1967) and Oehlers
(1995), on the other hand, believe that reversed loading occurs along the span of a
bridge except at supports. As the center of each span experiences complete load
reversal, the maximum load at the supports is twice the maximum load at midspan
(Mainstone and Menzies 1967). They aso state that a shear connector in abridge
is subjected to both horizontal shear forces and tensile forces. The tensile forces
are due to “... vertica uplift forces which result from the tendency of the dab to
assume localy different curvatures from those of the steed” (Mainstone and
Menzies 1967). This point was later proved by Nakagima (2003) as a result of
push-out tests. Shear connectors subjected to reversed loading cycles were
determined to have longer fatigue lives compared to unidirectional tests (Slutter
and Fisher 1966). Nakajima (2003) conducted both unidirectional and reversed
load tests on 1/2-in. diameter studs and found that reversed loading becomes
critical only if the connector material is pushed beyond its elastic limit.

2.3.1.3 Failure Mode of Shear Connectors

According to Oehlers and Foley (1985), for a given stress range, the
propagation rate of a fatigue crack through a connector can be assumed to be
amost constant. They indicate that the fatigue life of a connector depends on its
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uncracked area. Once the applied maximum load in a fatigue cycle exceeds the
residual strength of the uncracked portion of a connector, failure occurs.

Failure in push-out specimens has usually been defined as one or nmore of
the concrete slabs separating completely from the steel beam. Lehman et a.
(1967) report complete failure usualy in only one of the concrete slabs.
Deterioration and fracture of shear studs was observed in the second concrete slab
as well; howewver; complete separation was not usually achieved.

Two main types of fatigue failure have been observed as a result of
experiments. The most common failure mode is the fatigue failure at the interface
between the weld pool and beam flange; in some cases removing some of the
beam material. The second failure mode is described as the failure at the weld
collar-stud shank interface.  In some cases this was observed for high stress
ranges (Lehman et a. 1965). It has also been observed at higher stress ranges that
shear studs closer to the applied load failed in fatigue first. The remaining
connectors sheared off as the applied load exceeded their ultimate static strength.
For lower stress ranges, on the other hand, load was more evenly distributed and
all studs failed in fatigue (Slutter and Fisher 1966). Mainstone and Menzies
(1971) also found that for tests with high maximum load the fracture of studs
were due to shear. When maximum load was low and loading range was high,
little deformation of the stud or concrete was associated with fracture. Badie et al.
(2002) experienced failure of the base plate due to the testing of 1-1/4-in.
diameter studs. They concluded that if large diameter studs are to be used, the
flange thickness needs to be increased D prevent such a failure. Stud failure
reported by al researchers was accompanied with local damage in the

surrounding concrete.
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2.3.1.4 Test Results

Stress range (S)-number of cycles to failure (N) data reported by
Thurlimann (1959), Slutter and Fisher (1966), Lehman et al. (1967), Mainstone
and Menzies (1967), Badie (2002), and Ryu et al. (2003) are presented in Figure
2.1. This figure only includes data from uni-directional push-out tests conducted
for high-cycle fatigue on 3/4-in. and 7/8-in. diameter studs. Data from push-out
tests were used, since they are more conservative compared to beam tests. Both
stud diameters are presented due to their similar behavior as suggested by Slutter
and Fisher (1966). Stress ranges used by these researchers ranged between 8 ksi
and 25 ks with fatigue lives ranging from 6000 to over 10 million cycles.
Specimens that did not experience fatigue failure are shown as runout tests with
arrows adjacent to the corresponding data points. This SN plot was used as a

benchmark for high-cycle tests performed as a part of this thesis.
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Figure 2.1: SN data for push-out tests
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King et a. (1962) and later Slutter and Fisher (1966) found that push-out
tests give alower bound for connector failure, as compared to beam tests, and can
therefore be considered conservative. Mainstone and Menzies (1967) did not find
push-out tests to underestimate beam test results. However, Roberts and Dogan
(1997) later confirmed that fatigue strength of shear connectors to be significantly
higher for beam test, agreeing with Slutter and Fisher (1966).

As aresult of pushout tests conducted by Slutter and Fisher (1966) the
relationship between the number of fatigue cycles, N, to failure for a given stress
range, for a small diameter shear connector is presented as Equation 2.13. This
equation conservatively ignores data obtained from reversed load tests.

LogN=8072- 01753S (2. 13)
Where: S =range of shear stress (ksi)

Based on the fact that pushout tests underestimate results from beam
tests, Slutter and Fisher (1966) used pushout test results to derive a conservative
design equation for shear connectors. The derived equation has been the basis for
current AASHTO (both ASD and LRFD) design provisions for small diameter
shear connectors (less than or equal to 7/8-in.) and is presented here as Equation
2.12.

Z =ad/’ (212

Where: Z = alowable range of shear force per stud

a = 13,800 for N = 100, 000 cycles
10,600 for N =500, 000 cycles
7,850 for N = 2,000,000 cycles

The design recommendations made by Slutter and Fisher (1966) enabled
the uniform spacing of shear connectors along the length of a bridge. This was
followed by a significant reduction in the number of shear connectors used in

design and reduction in construction costs.
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While most research focused on the fatigue endurance of shear connectors,
some researchers such as Oehlers and Foley (1985) and Oehlers (1990) focused
on the strength of shear connectors after applications of fatigue loads.
Contradicting the earlier belief of researchers such as Slutter and Fisher (1966),
they believe that the fatigue and static behavior of shear connectors are related.
The analytical work of Oehlers and Foley (1985) and the experimental work of
Oehlers (1990) showed that the fatigue life of a shear connector decreases the as
soon as fatigue loads are applied. They propose changing the design of shear
connectors in bridges to account for the reduction in static strength due to fatigue.

2.3.2 Previous Research on Shear Connectorsunder Low Cycle Fatigue

Factors that influence the fatigue life of shear connectors have been
widely studied in the past several decades. Research suggests that the endurance
of shear connectors to cyclic loads depends mostly on the stress range applied to
them. However, dmost all research has focused on loading cases in which shear
connectors deform within their elastic range. Only in recent years, studies have
focused on cases where connectors are loaded into their inelastic range. These
studies show that loading shear connectors into their inelastic range results in a
low number of cycles to reach failure; a phenomenon called low-cycle fatigue.
Although a composite bridge would typically undergo high-cycle fatigue under
service loads, researchers are starting to believe that shear connectors could
experience low-cycle fatigue due to recurring overloads; especially in the case of
partial composite interaction. Oehlers and Foley (1985) suggest that “the peak
load or an occasiona overload does not affect the rate of fatigue crack
propagation, but it does affect the endurance [of a shear stud] by limiting the

amount of fatigue cracking that can occur before the stud fractures.”
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Currently, partia composite interaction is not allowed in bridge design
codes due to the associated increase in connector deflections. Gattesco et al.
(1997) believe that increased deflections could force connectors into their
inelastic range, in the case of overloads. However, they stress the practical and
economical advantages of partial composite interaction and have led the research
in low-cycle fatigue testing of shear connectors. As mentioned earlier, Oehlers
and Foley (1985) and Oehlers (1990) conducted theoretical and experimental
research on the relationship between the fatigue and static strength of shear
connectors. Oehlers and Seracino (1998) indicate that with the application of
fatigue loads, the stiffness of a shear connector decreases, eventually reducing the
state of the bridge to partial composite interaction Therefore, they believe that
the research by Gattesco et al. (1997) does not only apply to bridges with partial
composite interaction, but also to bridges with full interaction.

Gattesco et al. (1997) suggested that inelastic behavior of shear connectors
change the structural response of a bridge in two ways:

1. Reduction in load amplitude: As the number of loading cycles increase

the load amplitude experienced by shear connectors reduces with time
(Figure 2.2 (b)). Thisis aresult of load redistribution.

2. Load reversa: This usually occurs when connectors, typically at beam
supports, yield while the rest of the beam behaves elastically. Load
reversal is experienced if the recovered dlip required by the beam is
greater than the dip a yielded connector can recover by unloading (Figure
2.2 (c) and Figure 2.3).
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(a)

(©)

Figure2.2: Load (Q)-Slip (s) and Load (Q)-Time (t) curves of a shear
connector in a structure: (a) Elastic behavior; (b) Inelastic behavior; (c)
I nelastic behavior with reversed loading (Gattesco et a. 1997)

Due to the difficulty in capturing the effects of load redistribution between
shear connectors, researchers believe high-cycle and low-cycle fatigue should
differ in the way they are studied. While high-cycle fatigue is usually studied
using load control, low-cycle fatigue is typically studied using a displacement
control approach  With displacement controlled tests the “dip-history” of a shear
connector gains importance (Gattesco et a. 1997). The following is a summary
of experimental programs conducted by Gattesco et al. (1997) and Gattesco and

Giuriani (1996) on the low-cycle fatigue of shear connectors.
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Figure 2.3: Connector load-dip relationship (Gattesco and Giuriani 1996)

N. Gattesco and E. Giuriani (1996)
The main goal of the tests performed by Gattesco and Giuriani (1996) was

to investigate the behavior of shear connectors under reversed shear loading. The
authors devised a direct-shear test setup to eliminate the issues related to push-out
tests. The advantages of a direct-shear test setup are discussed in Chapter 3.

Tests were performed by applying blocks of loading cycles with varying ranges of
shear. Load cycleswere applied at arate of 500 N/s and the accumulated damage
was monitored after each loading cycle. Each block of cycles ended when the dlip
increment, Ds, reached either a null or a constant value. For unidirectional tests,
Ds was found to increase during initial cycles and later tend to a constant value.

On the other hand, for reversed load tests, a more rapid deterioration was reported
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of the stud shank and the concrete in front of the stud. In this case, Ds was
observed to grow with each loading cycle.

Over 300 cycles, the authors also reported a 15 to 25 % reduction in the
dope of the unloading branch of the load-slip curve. This suggests that he
recovered dlip increases with each cycle. This is expected due to the
accumulation of damage and loss of stiffness of the connector and concrete after

each loading cycle (Gattesco and Giuriani 1996).

Gattesco et al. (1997)

The purpose of experiments by Gattesco et al. (1997) was to assess the
performance of shear connectors under low-cycle fatigue. The authors believe
that especialy for long-span composite beams with partial composite interaction,
slip at the steel-concrete interface can reach values that would force shear
connectors into inelastic deformations. This would cause some connectors in the
composite beam to fail after only a small number of cycles.

To determine the low-cycle fatigue endurance of shear stud connectors,
the authors used a displacement control approach where they determined the
fatigue life of a connector with a given dip history. The dip history used for the
connectors was determined analytically in a previous study by Gattesco and
Giuriani (1990). The authors believe the amount of deformation a shear
connector experiences beyond its elastic range depends on the amount the whole
beam deforms, which reaches a constant value after a certain number of cycles.
The numerical analysis by Gattesco and Giuriani (1990) showed that the
maximum and minimum slip of a connector occurred after 20 cycles of loading.
The initial maximum and minimum values of dip before 20 cycles were found to
be 2/3 of the corresponding final maximum and minimum dlip values (2/3snax and

2/3smin). The ratio of maximum to minimum dlip was found to be 0.5. The
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approximated envelope for the maximum and minimum dlip and dip history are

shown in Figure 2.4.

5

Number of cycles

Figure2.4: Approximated envelope of maximum and minimum dlip (Gattesco
et al. 1997)

Gattesco et a. (1997) conducted eight direct shear tests with 3/4-in.
diameter shear studs under low-cycle fatigue. A direct-shear test setup was used
instead of a push-out test. For each test only one shear connector was tested
quas-staticaly at 0.1 Hz and dip values were monitored by two LVDT's.
Reduction in maximum applied shear load was also recorded to show the effects
of increasing stud damage. The maximum induced slip values and corresponding

number of cyclesto failure are shown in Table 2.1.
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Table2.1: Maximum slip used for each specimen and corresponding number

of cyclesto failure (Gattesco et al. 1997)

) Maximum slip
Specimen Number Number of cycles
(mm)

1 0.80 38,338
2 1.00 18,400
3 1.00 13,200
4 125 5,274
5 150 3,040
6 2.00 3,230
7 2.00 1,440
8 3.00 432

The authors found that as the maximum dlip value exceeded 1mm, the
fatigue life of the connectors were lower than 10,000 cycles. The corresponding
shear load at every displacement cycle was also found to reduce at the beginning
of each test due to concrete damage around the stud. Fatigue failure was observed
through the stud shank (Gattesco et a. 1997).
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CHAPTER 3
Previous Work on TxDOT Study 0-4124

3.1 INTRODUCTION

This thesis documents the continuation of investigations started by Schaap
(2004) and Hungerford (2004) on TXDOT Study 0-4124 on “Methods to Develop
Composite Action in Non-Composite Bridge Floor Systems.” The purpose of the
work done by these researchers was to first identify possible post-installed shear
connectors to create composite action in non-composite bridges. Once candidate
connectors were identified, they were evaluated based on their static load-dlip
behavior in shear, as well as on constructability, practicality, and cost. To
familiarize the reader with the previous work leading up to this thesis, this chapter
provides a brief summary of the work completed by those researchers

The following sections include a summary of previous field surveys
conducted, description of shear connectors identified as possible retrofit methods,
test specimens and setup, summary of test results, and previous recommendations
for further testing. The reader can refer to the theses by Schaap (2004) and
Hungerford (2004) for additional information on all items discussed here.

3.2 DEVELOPMENT OF EXPERIMENTAL PROGRAM
A first step in the overall research program was to conduct a field survey
of typical bridges that might be candidates for strengthening by the addition of
shear connectors. The purpose of the survey was to collect data on the overall
characteristics and condition of the bridges. This section summarizes the field

survey conducted by Schaap (2004) and Hungerford (2004), their observations,
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and the friction tests they performed to quantify the level of friction present at the
steel girder-concrete slab interface of candidate bridges.

3.2.1 Survey of Candidate Bridges

A field survey of six bridges located north of San Antonio, Texas was
conducted based on visual inspection. These bridges were originally designed
and constructed as non-composite and were identified by TxDOT as candidates
for retrofitting for composite action. Observations were made on the geometry of
these bridges as well as their general condition. Information collected on the
bridges included:

= ageof bridge

= type and dimensions of structural elements
= support conditions and expansion joints

= general condition of slab and girder

= conditionof slab-girder interface

= visua indications of deterioration and distress

The bridges had 4 or 9 spans with span lengths varying from 50 to 60 ft.

Slab thicknesses were observed to vary between 8 to 9 in. Girders were steel

rolled wide flange shapes, with transverse spacing varying from 6.75 ft. to 8 ft.
and with depths of 28 in. to 36 in. Based on the information gathered on the
geometrical properties of these bridges, the researchers created a prototype bridge
representative of a typical non-composite TXDOT bridge. This provided the
researchers with a model on which test specimens were based. The prototype also
aided in finite element analyses and construction cost comparisons. The
prototype bridge was designed as a 50 ft. smply supported nortcomposite bridge
with cross sectional properties shown in Figure 3.1 (Hungerford 2004).
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Figure 3.1: Cross section of prototype bridge (Hungerford 2004)

As aresult of inspections all bridges were found to be in relatively good
condition. They were al built in the late 1950’'s or 60’s. In some cases, corrosion
of steel girders and spalling of concrete slab were observed. Typica locations
where corrosion was observed was at digphragms, expansion joints, girder flanges

embedded in concrete, and in some cases the dab-girder interface.

3.2.2 Friction Tests

The shear force transfer mechanism of severa retrofitting options
investigated in this study depends on the friction present at the girder-slab
interface. Although the coefficient of static friction () between rolled steel and
concrete is stated as 0.7 Gection 11.7.4.3 of the American Concrete Institute
Code 318-02), weathering can adversely affect the surface conditions of the steel

and concrete and reduce the friction between them. It was important to the
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researchers to have data on coefficient of friction still available in these candidate
bridges. Field friction tests were conducted to establish a value for mas well as to
assess the effectiveness of retrofitting options that depend on friction. As aresult
of field tests, a conservative value for mwas suggested to be 0.4 (Schaap 2004,
Hungerford 2004).

3.3 TYPESOF SHEAR CONNECTORSINVESTIGATED

The shear connectors tested by Schaap (2004) and Hungerford (2004)
transfer horizontal shear between the concrete slab and the steel girder utilizing at
least one of three force-transfer mechanisms: bearing, friction, and adhesion. A
total of 13 post-installed shear connection methods were investigated of which 11
were tested under static loading. In this section the 11 connection methods
(Figure 3.2) and the standard cast-in-place welded shear stud are introduced and

their recommended installation process in a norncomposite bridge is described.
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Figure 3.2: Post-installed shear connectorsinvestigated by Schaap (2004) and
Hungerford (2004)

3.3.1 Cast-in-Place Welded Stud (CIPST)

The welded stud is the most common shear connector used in modern
composite bridge construction. It is a headed round steel bar that is welded to the
top flange of asted girder with a stud welding gun. The welding end of the stud
is melted by an electric arc created between the flange and the stud. A porcelain
ferrule is provided with each stud that controls the flow of molten metal and
concentrates the heat in the weld area. The result is a weld that is stronger than
the stud material (Viest et al. 1958).

Once the studs are welded, the concrete dab is cast (Figure 3.3). The stud
then transfers horizontal shear by bearing against the concrete. The shear stud is
subject to both bending and shear. The head of the stud also prevents the uplift of

the dlab relative to the girder. The cast-in-place shear stud was used as a
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benchmark by the researchers with which all other post-installed connectors were

compared.

Figure 3.3: Cast-in-place Welded Stud

3.3.2 Pogt-Ingalled Welded Stud (POSST)

This method also uses the welded shear stud; however; the stud is installed
after the concrete dab is in place. This requires coring a hole through the
concrete dab to allow enough space for a shear stud and stud welding gun to fit.
Once the hole is cored, the top flange of the girder is cleaned and the stud is
welded. The hole is then filled with nonshrink grout Figure 3.4). After the
grout cures, the stud transfers horizontal shear loads between the dab and the
girder by bearing (Schaap 2004).
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Figure 3.4: Post-Installed Welded Stud

3.3.3 Stud Welded to Plate (STWPL)

This method is a variation on the POSST method, as shown in Figure 3.5.
The POSST method entails welding a stud directly to the top flange of an existing
girder. The stud in the STWPL method, on the other hand, is welded to a separate
plate that is then fillet welded onto the side of the girder. A smaller diameter hole
is required in the dlab than that for the POSST method, since the stud is shop-
welded to a separate stedl plate. This also permits the hole in the dab to be drilled
from either above or below the bridge prior to welding the steel plate. After the
connector is in place, the hole is filled with nonshrink grout. As in other
methods using the shear stud, shear forces are transferred by bearing of the stud
on the concrete (Schaap 2004).



Figure 3.5: Stud Welded to Plate

3.3.4 Double-Nut Bolt (DBLNB)

The connector used in this method is a high strength ASTM A325 or A490
bolt. The instalation of this connector requires drilling holes through both the
concrete dlab and the steel girder. The connector is then inserted in the hole and
is held in place by two nuts. A bottom nut is placed and tightened while the two
top nuts prevent the rotation of the connector. Once the connector is in place the
hole is filled with nontshrink grout (Figure 3.6). Shear forces between the bolt
and the girder are first resisted by friction. Once this friction is overcome, the
bolt comes into bearing with the girder flange. Horizontal shear between the bolt
and the concrete is transferred by bearing.
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Figure 3.6: Double-Nut Bolt

3.3.5 High-Tension Friction Grip Bolt (HTFGB)

With this method, the concrete slab and the steel girder are clamped
together with a high-strength A325 or A490 bolt. Shear force between the
concrete and the sted is initialy transferred through friction. Once friction is
overcome, shear force is transferred through bearing.

To install this connector, two different size holes are matchdrilled
through the concrete slab. The smaller of the two holes can be drilled from under
the bridge after a hole is drilled through the top girder flange. The bolt is inserted
from the top of the bridge and tightened from underneath up to the required
pretension. The remaining hole at the surface of the dab is later filled with non
shrink grout (Figure 3.7) (Schaap 2004).
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Figure 3.7: High-Tension Friction Grip Bolt

3.3.6 Expansion Anchor (KWIKB)

For this connector, holes are drilled through both the girder flange and the
concrete slab from the bottom of the bridge. The anchor is then tapped into the
hole and tightened (Figure 3.8). The expansion anchor is another connector that
initially utilizes friction to transfer shear forces between the dab and the girder.
Once friction at the steel-concrete interface is overcome with increasing load, the
connector moves in the hole and transfers shear forces through bearing (Schaap
2004).
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Figure 3.8: Expansion Anchor

3.3.7 Undercut Anchor (MAXIB)

The undercut anchor, like the expansion anchor, transfers shear forces
initially through friction followed by bearing. The connector is installed by first
drilling holes through the girder then the slab from under the bridge. The hole in
the dab is later undercut using a special undercutting drill. The connector is set
with a special setting device and the nut is tightened until the required pretension
is reached (Figure 3.9) (Schaap 2004).
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Figure 3.9: Undercut Anchor

3.3.8 Welded Threaded Rod (POSTR)

As shown in Figure 3.10, this method is another variation on the POSST
method. A hole is cored through the concrete slab and a fully threaded rod is
welded onto the steel girder. Prior to grouting, a sheath is placed around the rod
to prevent grout from filling the threads. The hole is grouted leaving room for a
washer and a nut. The sheath is later removed and the nut is tightened. As a
result, the rod transfers shear forces first by friction, and then by bearing once
friction is overcome (Hungerford 2004).
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Figure 3.10: Welded Threaded Rod

3.3.9 HAS-E Adhesive Anchor (HASAA)
With this method, a hole isdrilled from under the bridge, through the steel

flange and into the concrete slab. Adhesive is injected overhead into the hole in
the dlab and then a fully threaded rod is inserted (Figure 3.11). Once the adhesive
cures, the connector is tightened from under the bridge. The adhesive anchor
initially uses friction to transfer shear force, followed by bearing. In testing this
method, an adhesive and threaded rods manufactured by Hilti Corp. were used.
The Hilti adhesive was designated HY 150 and the threaded rod was designated
as HAS-E (Hungerford 2004).
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Figure3.11: HAS-E Adhesive Anchor

3.3.10 HIT-TZ Adhesive Anchor (HITTZ)

Similar to the HAS-E anchor this anchor uses friction followed by bearing
to transfer shear forces from the bridge girder to the slab. The difference between
these two connectors is the way forces are transferred from the connector to the
adhesive. The Hilti HAS-E anchor relies on the bond between its threads and the
adhesive. The HIT-TZ anchor, on the other hand, transfers forces to the adhesive
through wedging action due to its special threads. The installation process of the
HIT-TZ follows the same steps as the HAS-E anchor (Figure 3.12) (Hungerford
2004).
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Figure 3.12: HIT-TZ Adhesive Anchor

3.3.11 Concrete Screw (WEDGB)
This connector requires a hole to be drilled through both the steel girder

and concrete dlab from under the bridge. The concrete screw is then simply
driven into the hole and screwed into place Figure 3.13). Shear forces are
transferred through bearing only, after the connector dips into contact with the
steel girder as load is increased (Hungerford 2004).
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Figure 3.13: Wedge-Bolt Concrete Screw

3.3.12 Epoxy Plate (3M EPX)

The Epoxy Plate Figure 3.14) is the only method that directly utilizes
adhesion to transfer shear between the dab and the girder. A sted plate is
temporarily held up by anchors and is welded to the edge of the top girder flange.
The perimeter of the plate is then sealed with epoxy. Epoxy is injected to fill the
gap between the slab and the plate until epoxy gjects through predrilled exit holes.
The epoxy is then left to cure for at least 24 hours (Hungerford 2004).
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Figure 3.14: Epoxy Plate

3.4 TESTING PROCEDURE AND SETUP

Each connection method in this study was subjected to a screening process
based on structural performance, constructability, practicality, and cost. Those
that showed promise in each category were recommended for further investigation
under fatigue tests.

To assess the load-dlip behavior of each connector under static loads, the
researchers investigated two possible testing methods. push-out tests and direct-
shear tests. The pushout test is widely used among researchers to test shear
connectors. A test specimen consists of two dabs connected to the flanges of a
single sted girder with welded shear studs (Figure 3.15a). The load is applied at
the center of the steel girder until the studs fail in shear. With this type of test, the
load-dlip behavior of a group of connectorsis obtained. To deduce results for the
behavior of a single connector, load and slip values need to be averaged.
Depending on support conditions used, additional friction at the steel-concrete
interface or tensile forces on the connectors are typically introduced which may
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misrepresent conditions in an actual composite beam. With a direct shear test
setup, on the other hand, a group of connectors as well as individual connectors
can be tested. The main advantage of the direct shear test is that it can be
designed to minimize eccentricity between the applied load and the concrete.
With this method the load is applied closer to the steel-concrete interface as
shown in Figure 3.15b. Due to limitations associated with a push-out test, the
direct-shear test setup shown in Figure 3.16 was chosen for the testing of
individual shear connectors (Hungerford 2004).
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Figure 3.15: a) Push-out test b) Direct-shear test
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Figure 3.16: Sideview of the direct-shear test setup used by Schaap (2004) and
Hungerford (2004) (Schaap 2004)

MALE-MALE THREADED COUPLER

STEEL PLATE7 SPECIAL CLEVIS

3.5 TEST SPECIMENS

Test specimens were designed to enable the testing of a single connector
in shear. The specimens were made up of a concrete block and a steel plate
attached at the center by a shear connector (Figure 3.16). The sted plate
represented a portion of the top flange of the prototype bridge girder, and the
concrete block had the thickness of the prototype bridge slab. Edge effects were
taken into consideration during the design of the specimens (Schaap 2004,
Hungerford 2004).

3.6 TESTRESULTS

In the testing of shear connectors under static loading, the load-dlip
behavior of each connector was measured. Various parameters that characterize
the behavior of the shear connector were then derived from the load-dlip curve.
This included items such as the initiad dip load (for connectors that utilized
friction for initia load transfer), the ultimate shear strength of the connector, and
the value of dip when the ultimate strength of the connector was achieved. In
addition, the strength of the connector at 0.2 in. dlip was also taken as a measure

of shear connector performance. This value, or values close to 0.2 in., have been
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suggested by previous researchers as a reasonable basis for assessing shear
connector strength, to limit the overall deflection of the composite girder when its
composite flexural strength is achieved. Consequently, the shear strength of each
connector was compared to the shear strength of the cast-in-place welded shear
stud at a corresponding slip of 0.2 in. (Schaap 2004, Hungerford 2004).

Three static tests were performed for each type of shear connector and
average load-dlip curves were reported. All of the bolt type connectors tested had
a diameter of 3/4-in. Strength evaluations showed that seven shear connection
methods performed at least as well as the cast-in-place welded stud at the dlip
limit of 0.2 in.: POSST, STWPL, DBLNB, HTFGB, WEDGS, 3MEPX, and
HASAA. The average load-dlip curves of selected connection methods are shown
in Figure 3.17. The 3MEPX method is not shown in this figure, because it
experienced no dip until faillure at an average load of 58 kips. The seven
connection methods were further evaluated for constructability and practicality.
The HTFGB was identified as the most difficult connection method to instal
whereas the WEDGB and HASAA methods proved to be the simplest. The
3MEPX was potentialy the most costly connection method studied (Schaap 2004,
Hungerford 2004).
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3.7 PREVIOUS CONCLUSIONS AND RECOMMENDATIONS FOR FURTHER
TESTING
The main purpose of investigations led by Schaap (2004) and Hungerford
(2004) was to identify and evaluate shear connection methods to be used as
retrofitting options for norrcomposite bridges. Three static tests per
connection type, including several variations on the main connection methods,
were tested with a total of 50 tests. As a result of those evauations, the
methods recommended for further evaluation by fatigue testing were:
POSST, STWPL, DBLNB, HTFGB, HASAA, WEDGS (Concrete Screw with
sheath), and BMEPX (Schaap 2004, Hungerford 2004).
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CHAPTER 4

Procedures Used for Fatigue Testing

4.1 |INTRODUCTION

AASHTO provisions require shear connectors in a composite bridge to be
strong enough to withstand shear loads while enduring many cycles of loading by
moving vehicles. Thus, retrofitting options investigated for this study were
judged not only on their cost and constructability, but aso on their performance
under static and fatigue loading.

Previous research on TxDOT Project 0-4124 focused on identifying
possible types of post-installed shear connectors and selecting those with
sufficient shear strength. As discussed in Chapter 3, this resulted in the selection
of seven shear connectors for further assessment under fatigue loads. This
chapter describes the experimental process used for that assessment.

The purpose of this study was to investigate the fatigue performance of a
single shear connector at two distinct load levels: below the yield stress (high
cycle fatigue) and above the yield stress (low-cycle fatigue) of the connector
material. Those that showed significantly better high-cycle fatigue performance
than cast-in-place welded shear studs in high-cycle fatigue were then tested in
low-cycle fatigue. Static tests were also performed to gather information on the
load-dip behavior of each connector. All single connector tests were performed
using adirect shear test setup rather than a conventional push-out test setup as
recommended by Schaap (2004) and Hungerford (2004).
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This chapter includes detailed descriptions of the test setup, equipment,
instrumentation, specimen and material properties, installation procedures of the

seven connection methods investigated, and the testing program.

4.2 TEST SETUP

The test setup consisted of a direct shear test assembly, loading
equipment, and instrumentation. In this section, each is described.

4.2.1 Direct Shear Test Assembly

The same direct shear test assembly used for this study (Figure 4.1
through Figure 4.3) was previously used by Schaap (2004) and Hungerford
(2004), and was selected over the more conventional pushrout setup for the
reasons discussed in Chapter 3. The direct shear test assembly is composed of

several components, shown in Figure 4.1 and described below.

CLAMPING
ANGLE HYDRAULIC

STEEL PLATE ALIGNMENT
CLEVIS  coupLER

LOAD

TEST BLOCK LINE OF ACTION
A

\ /

CLAMPING ROD REACTION ANGLE TEST FRAME

Figure4.1l: Sideview of direct shear test assembly (bulkhead and base plate not

shown)
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Test frame: The test frame consists of two 23 ft-long, MC 18x58 channels bolted
to 24- x 14- x 1-9/16- in. plate bulkheads at each end. For the purpose of this
study, only one side of the test frame was used.

Hydraulic ram: The base plate of the hydraulic ram is bolted to the bulkhead using

four 1-3/8 in. diameter high strength bolts, and supported by arod eye that allows
rotation in avertical plane.

Load cell: The load cell is attached to the male threaded shaft of the hydraulic
ram with an adapter having a 2-in. diameter female threaded section on one side
and a 2-in. diameter male threaded section on the other.

Alignment Coupler: A 1-1/4 in. diameter coupler connects the load cell to the

custommade clevis, and allows additional movement between the clevis and the
load cell during cyclic tests. Because the coupler is not designed for compressive
loads, it tends to break after severa million cycles of reversed load.

Custommade clevis. This clevis is bolted through a 1-5/16-in. hole in the steel
plate of the specimen using a 1-1/4-in. diameter ASTM A490 bolt. The line of
action of the clevis coincides with the steel-concrete interface as shown in Figure
4.1.

Base plate: The specimen rests on the base plate, which is welded on its edges to
the test frame The dimensions of the base plate are shown in
Figure4.2. The7 in. x 20 in. open sections were intended to provide space for the

protruding stirrups of each specimen.
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Figure4.2: Base platewith dimensions

Reaction Angles. Two 6- x 6- x 1 in. reaction angles were welded in front of and

behind the base plate to prevent the specimen from moving horizontally. The
gaps between the specimen and reaction angles were filled n with hydrostone
before each test.

Clamping Angles: Two 6 x 6 x 1-in. angles, connected with 3/4-in. diameter

threaded rods, clamp the specimen down and prevent it from moving vertically.
Clamping rod: A 3/4-in. diameter threaded clamping rod prevents the back of the
steel plate of the specimen from lifting during testing. Two 3-1/2 in. square steel
plates, one with a 3/4-in. diameter hole and the other with a 3/4-in. x 2-in. dotted
hole, were used as washers on each side of the test plate. To prevent any friction
due to clamping, strips of Teflon© (tetrafluoroethylene) were glued to the washer
plates, permitting the clamping plates to slide independently during loading.
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Figure 4.3: Direct shear test assembly (with bulkhead)

In addition to the test setup components described above, a portable crane
was used to rotate the hydraulic ram in a vertical plane to align the clevis with the
sted plate of the specimen, and to lift and handle the test specimens.

4.2.2 Loading Equipment

Loading equipment for static and cyclic tests consisted of a hydraulic
pump, a loading ram, and a load cell. The hydraulic pump was a 30-gpm MTS
pump. This capacity was required to support sinusoidal bading of 1 in. at
frequencies as high as 6 Hz. The hydraulic ram used had a capacity greater than
100 kips in tension, and was attached to a 100-kip load cell having a precision of
0.005 kips.



4.2.3 Instrumentation

Loading of the test specimens was controlled by an MTS 407 single-
channdl servo-controller with automatic shutoff based on specified load,
displacement or error limits (MTS 2000).

For static tests, the controller facilitated load monitoring, and its shutoff
mechanism provided additional safety in the case of connector failure. The
controller was found to be most useful, however, for cyclic tests, easily permitting
automatic cycling between specified loads or displacements at a specified
frequency. For the high-cycle fatigue tests, run under load control, the mean load,
half the loading amplitude, loading frequency, and type of waveform were
specified. For the low-cycle fatigue tests, run under displacement control, the
corresponding displacement values were specified.  During testing, the
instantaneous load or displacement value, accumulated number of cycles, and the
error between command and feedback signals were displayed on the controller
monitor. For load-controlled tests, the controller was programmed to shut off
hydraulic pressure once either connector failure or a predetermined number of
cycles was reached. For displacement-controlled tests, hydraulic pressure was
shut off manually following connector failure.

The relative dlip between the concrete block and steel plate (slip of the
connector) was measured with two Sensotech Model Linear Variable Differential
Transformers (LVDT). These LVDT's were actually direct-current differential
transformers (DCDT) which initially convert a DC current into an AC current,
and then back to a DC output current. The LVDT’s had a total stroke of +1 in.
and a precision of /10000 in.
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Figure4.4: LVDT setup (second LVDT not shown)

The LVDT’s were attached to carpenter’s clamps using spacer blocks,
and then clamped onto the concrete block spanning parallél to the steel plate of a
specimen on both sides. Two 2-in. brackets were glued onto the steel plate in line
with the location of the shear connector. The LVDT pins rested on the brackets
and took increasing displacement readings in the direction of loading (Figure 4.4).
A schematic of the instrumentation setup is shown in Figure 4.5. For high-cycle
fatigue tests the controller was programmed to apply the user-specified loading
range onto the connector, and the displacement signals from the LVDT’s were
logged directly onto a computer through a data acquisition system. For low-cycle
fatigue tests, the controller was programmed to apply a user-specified
displacement range using the LVDT signals, which were subsequently retrieved
from the controller and passed to the data acquisition system.
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Figure4.5: Instrumentation for load controlled tests

The time-varying load and displacement data were logged onto a computer
using lotech Persona Deta Acquisition Program (PDAQ). For dtatic tests, data
were recorded at 1-2 Hz; for cyclic tests, they were recorded as fast as 17 Hz.
During cyclic tests, the load cycling rate was reduced to 0.5 Hz during data
recording, which resulted in a maximum of 34 load and displacement readings to

be recorded every cycle. Displacement readings were accurate up to 1/1000 in.

4.3 TYPESOF SHEAR CONNECTORSINVESTIGATED

Based on their evaluation of the results of static testing of retrofit shear

connectors, Schaap (2004) and Hungerford (2004) recommend seven types of
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retrofit shear connectors for further evaluation under fatigue loading, in
comparison with the Cast-1 n-Place Welded Stud:

1) Post-1nstalled Welded Stud;

2) Stud Welded-to-Plate;

3) Double-Nut Balt;

4) High-Tension FrictionGrip Bolt;

5) Adhesive Anchor;

6) Concrete Screw, and

7 Epoxy Plate

Throughout this thesis, these shear connectors will often be referred to by
their corresponding abbreviations which are given in Table 4.1

Table4.1: Abbreviations of shear connection methods discussed in thisthesis

Connection M ethod Abbreviation
Cast-in-Place Welded Stud CIPST
Post-Installed Welded Stud POSST

Stud Welded to Plate STWPL

Double-Nut Bolt DBLNB
High-Tension, Friction Grip Bolt HTFGB
Adhesive Anchor HASAA
Concrete Screw WEDGB

Epoxy Plate 3MEPX

Previous dtatic test results and selection criteria for al investigated shear
connectors are presented in Chapter 3. In this section, the properties of the

connectors used in each connection method are described.
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4.3.1 Cast-in-Place Welded Stud (CIPST), Post-Installed Welded Stud
(POSST), Stud Welded-to-Plate (STWPL)

For the Cast-inPlace Welded Shear Stud (CIPST) and Post-Installed
Welded Headed Stud (POSST) methods, AlISI Grade C1015 headed shear studs
were used as shear connectors. The shear studs were 3/4-in. in diameter and 5
3/16 in. long, with specified minimum yield and ultimate tensile strength of 50 ksi
and 60 ks respectively. Manufacturer tested strength values were not obtained
for the studs. All studs were obtained from a single heat of steel, to eliminate
inherent variability from heat to heat.

it T | AN et R S

Figure4.6: Headed shear stud

The shear studs were welded onto the test plates with a stud gun by Dennis
Steel in Austin, TX. The studs had an additional length of 3/16 in. to comply with
welding standards provided by the Stud Welding Associates (Ohio). The
resulting length was 5 in. also equal to the embedment depth. Figure 4.7 shows a
typical specimen steel plate with awelded shear stud. These test plates were used
for CIPST and POSST methods. Specimens for the Stud Welded to Plate
(STWPL) method were not constructed for this study. It was concluded that they
would display the same characteristics as POSST specimens; therefore, separate
construction was deemed unnecessary. Test results obtained for the POSST

method were assumed to also apply to the STWPL method.
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To test the effect of weld type and quality on strength and fatigue
endurance, two headed studs were fillet-welded onto steel plates rather than gun
welded. The fillet welding was performed by a certified weld technician at The
University of Texas at Austin's Ferguson Laboratory. The fillet welds were 5/16
in. Shielded Metal Arc Weld with E7018 electrode (SMAW E7018). The stedl
plate was heated to 150°F before welding.

4.3.2 Double-Nut Bolt (DBLNB)

The connector for this method was chosen asan ASTM A193 B7 threaded
rod. An ASTM A193 B7 rod is typically considered to be equivalent to an ASTM
A325 bolt and has a specified tensile strength of 120 ksi. This material was
chosen for its potential for better fatigue performance than the ASTM A490 bolts
used by Schaap (2004) and Hungerford (2004), because its threads are rolled
rather than cut.
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Figure 4.8: Double-Nut bolt

For this study, a 12-ft. long threaded rod was purchased and cut into 8-in.
long sections, ensuring uniform material properties in each connector. Four 3/4-
in. diameter ASTM A563 Grade DH heavy hex nuts and ASTM F436 sted
washers completed the installation, as shown in Figure 4.8. A single nut was
placed on one face of the steel plate (away from the concrete block) and was
tightened. Two additional nuts were placed on the opposite side of the plate to
prevent twisting during tightening. A fourth nut was placed at the end of the
connector (end of the bolt inside the concrete block) to represent a bolt head and
restrict possible uplift of the steel plate.

4.3.3 High Tension Friction Grip Bolt (HTFGB)

In this study, a standard ASTM A325 bolt isreferred to as a High-Tension
Friction Grip Bolt (HTFGB). This bolt has a specified minimum yield and
ultimate tensile strength of 105 ks and 120 ks respectively. The ASTM A325
bolt used for this method was 3/4-in. in diameter and 7-in. long. To tighten the
bolt, ASTM A563 Grade DH heavy hex nuts were used along with 1-15/32 in.
diameter ASTM F46 steel washers (Figure 4.9).
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Figure4.9: High-Tension Friction Grip Bolt

4.3.4 Adhesive Anchor (HASAA)

The Adhesive Anchor (HASAA) method consists of 2 components: A
3/4-in. diameter Hilti HAS-E threaded rod and HIT-HY 150 fast-curing adhesive.
For this study, a rod with a total length of 10 in. was used (Figure 4.10). A 6-3/4
in. threaded length of the rod is separated from a 3-1/8 in. threaded length by a 5/8
in. diameter and 1/8 in. long unthreaded length. The HAS-E threaded rod is made
of 1SO 898 Class 5.8 zinc plated steel with a specified minimum yield and tensile
ultimate strength of 58 ksi and 72.5 ksi respectively.

Assaadad. aaaaa
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Figure4.10: HAS-E threaded rod

HY 150 adhesive is composed of resin, hardener, cement, and water.
Application temperatures can range from 25°F to 104°F. The adhesive is mixed
and injected using a Hilti HIT-MD 2000 dispenser and a HIT-M dispensing
nozzle which are shown in Figure 4.11 and Figure 4.12.
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Figure 4.12: Hilti MD2000 Adhesive Dispenser (Hilti 2006)

The adhesive anchor method requires three main installation steps. The
adhesive is first injected into a predrilled bolt hole; the rod is inserted; and the
adhesive is then left to cure (50 min. at 68°F). After the adhesive cures the bolt is
tightened to the specified pretension. Additional information regarding
temperature effects on cure time and bord strength is avallable from the
manufacturer.

One concern about this connector was the required embedment depth for
this type and size of rod. The manufacturer-specified embedment depth is 6-5/8

in. which is too deep for bridges with dabs 7-in. thick or thinner. Because
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previous static tests on this connector by Schaap (2004) and Hungerford (2004)
showed adequate results with a 5-1/2 in. embedment depth the latter embedment
depth was used in this study as well.

4.3.5 Concrete Screw (WEDGB)

The Wedge-Bolt® concrete screw, a product of Power Fasteners, is a one
piece mechanical screw of heat-treated, high-strength carbon steel with specified
yield and ultimate strengths of 130.5 ksi and 145 ksi respectively. For this study,
a 3/4-in. diameter screw with a6-in. length was used. Shown in Figure 4.13 is the
concrete screw made up of a hex washer head, a 21/4 in. unthreaded length
followed by athreaded length of 3-3/4 in., and a chamfered tip.

T ) ———————— ) s A T

Figure 4.13: Power Fasteners Wedge-Bolt® concrete screw

The bolt is smply ingtalled by screwing it into a clean pre-drilled hole
using only a socket or impact wrench. The bolt is then tightened without
exceeding the specified maximum torque. The 6-in. long, 3/4-in. diameter screw
used in this study required a 53/4 in. embedment depth. This depth includes a
3/4 in. tolerance left for debris at the bottom of the drilled hole.
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Figure 4.14: Power Fasteners Wedge-Bit®

The Wedge-Bolt® is recommended to be used in conjunction with a
matched tolerance drill bit. A 3/4-in. diameter carbide steel SDS-Plus Wedge-
Bit® with an overall length of 8 in. and a usable length of 6 in. was used for this

study.

4.3.6 Epoxy Plate (3MEPX)

3M DP-460 NS Scotch-Weld® Epoxy is a non sag, two part epoxy and is
available in 27-, 200-, and 400-mL cartridges. Shown in Figure 4.15 is a 27-mL
cartridge used in this study. The epoxy has a 60-minute working time with a full
cure time of 7 days at 73°F. It is applied on surfaces with a 3SMEPX® Plus
Applicator, shown in Figure 4.16.
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Figure 4.15: 27- mL 3M DP-460 NS Scotch-Weld® Epoxy (3M 2006)
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Figure4.16: SMEPX® Plus Applicator with cartridge

The epoxy requires both steel and concrete surfaces to be prepared before
application The steel plate must be scoured and cleaned with isopropyl alcohal,
and the coarse aggregate in the concrete needs to be exposed through grinding to

achieve a strong bond with the epoxy.

4.4 DESCRIPTION OF TEST SPECIMENS

The test specimens used in this study are slightly modified versions of those
used by Schaap (2004) and Hungerford (2004). Their properties and geometry
used by these researchers are described in Chapter 3. The specimens were
designed to accommodate the testing of a single shear connector subjected to
static and fatigue loading.

The test specimens consisted of 3 main components. a concrete block; a
sted plate; and a shear connector. The concrete block had a thickness
representative of the prototype bridge sab and the steel plate represents one-half
of a typica girder flange. The stedl plate was connected to the center of the
concrete block with the shear connector. A typical test specimen with a welded
shear stud is depicted in Figure 4.17. The procedures and the materials used to
construct the specimens are described in detail in the following sections.
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Figure4.17: Typical test specimen (with welded shear stud)
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441 Reinforcement

The size and layout of steel reinforcement was based on the prototype
bridge developed by Schaap (2004) and Hungerford (2004), and discussed in
Section 3.2.1. Two layers of Grade 60, #4 and #5 size reinforcing steel were used
in the specimens along with #3 barsin the form of 4- x 9.5-in. closed stirrups with
4-in. hooks. A clear cover of 1.5 in. was provided for the bottom layer of
reinforcement using plastic-dipped reinforcing chairs, tied to the cages to prevent
separation during the casting of concrete. A clear cover of 1.5 in. was also left for
the top reinforcement. The typical reinforcement layout used for test specimensis
shown in Figure 4.18.

In addition to representing the reinforcement layout of the prototype
bridge, the reinforcement in the test specimens provided confinement for the
concrete around the shear connectors. The stirrups extended out of the concrete

blocks to assist in lifting and handling.
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Figure 4.18: Reinforcing steel layout and dimensions
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4.4.2 Form Preparation

Fiberglass waffle-slab forms were used as molds for the test specimens.
The interior dimensions of the forms were 22-1/2 in. square at the bottom, 23-1/2
in. square at the top, and 12 in. deep. To model the prototype bridge a specimen
depth of 7 in. was needed. To achieve this, 22-1/4 x 22-1/4 x 5/8 in. plywood
sheets were placed on 4-3/8 in. plastic reinforcing chairs inside the forms, giving
usable interior dimensions of 22-1/4 in. x 22-1/4 in. at the bottom, 23-1/2 in. x 23-
/2 in. at the top, and a depth of 7 in.

The perimeter of the plywood sheets was first sealed to prevent concrete
from seeping through the gaps, and also to hold the sheets in place. To make
lifting and handling of the concrete blocks easier, 1/2-in. diameter Ferrule Loop
Inserts were attached to the forms, to be cast within the concrete blocks. These
inserts were short enough to not interfere with the reinforcing steel but strong
enough to carry the weight of the concrete blocks. The waffle forms were drilled
on two sides with a hand-held drill and a 3/4-in. diameter bit. Threaded bolts,
3/4-in. in diameter by 1-1/2 in. long, were used to hold the Ferrule Loop Insertsin
place. Once the plywood sheets and the threaded bolts were placed, the forms
were vacuumed and coated with form oil to prevent the concrete from sticking to
the forms and bolts. Finaly, the Ferrule Loop Inserts were screwed onto the
threaded bolts and the forms were ready for the placement of reinforcement. A
waffle form at each step of the preparation process is shown in Figure 4.19.

For POSST and DBLNB methods, 3.5-in. and 2-in. diameter PVC pipes
were glued to the center of the plywood sheets respectively. This was an easy
way to precast the holes required to install the connectors.
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Figure 4.19: Waffle forms: a) I nside of waffle form b) with plastic
chairsc) with plywood sheet and inserts d) with reinforcing cage and PVC pipe

443 Cading

The concrete was delivered to the laboratory in a ready-mix truck. Using
a 1-cubic yard bucket, each form was filled with concrete in a single lift. The
concrete was then vibrated, avoiding the reinforcing cages. The surface of each
specimen was finally screeded and finished, and thirty-five 6 x 12-in. cylinders
were cast for concrete strength tests.
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Once the concrete was cast and finished, the blocks and cylinders were

covered with plastic sheets, and splashed with water twice a day for the next five
days.

45 MATERIAL PROPERTIES

The basic materials used in the construction of the test specimens include:
concrete, steel, grout, and shear connectors. This section provides detailed

information about these materials.

45.1 Concrete

The concrete used for the test specimens was ordered from Capitol
Aggregates in Austin, Texas (Mixture Design #261). The concrete consisted of
Type | Portland cement, 3/4-in. river aggregate, fine aggregate, and retarder; it
had a water-cementitious ratio of 0.37. Even though the concrete mixture was
specified to have a 28-day compressive strength of 3000 psi with a 4-in. dump, a
concrete mixture with 7-in. dump was received from the manufacturer.

Components of the concrete mixture and proportions are shown in Table 4.2.

Table 4.2: Mixture proportions of concrete

. Quantity -
Mix Component . Description
(per cubicyard)
Cement 376 1b Type | Portland Cement
Course Aggregate 1927 Ib Y4in. river aggregate
Fine Aggregate 1441 1b -
Retarder 5.6 0z Pozzolith® 100 XR
Water 1512 1b -

71



Concrete strength was evaluated by cylinder tests at 7, 14, 21, and 28 days
using the 6- x 12-in. cylinders. Average concrete strength was determined as 2961
ps at 28 days, lower than the specified strength of 3000 psi. Additional cylinder
tests were performed regularly throughout the testing program. The increase in

average concrete strength within the first 28 daysis shown inFigure 4.20.
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Figure 4.20: Average concrete compressive strength up to 28 days

452 Sted

Steel plates were provided by Namasco Inc., Austin, Texas. The stedl
plates were specified as A36 steel, representative of the grade of steel used in
bridges surveyed by Schaap (2004) and Hungerford (2004). The same heat
number was requested from the manufacturer for all steel plates. Based on the
mill report provided, the steel had an average tensile yield strength of 48.1 ksi and

an average ultimate tensile strength of 71.9 ksi. The plates were delivered in 6- x
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1- x 40-in. sections. To prevent bending of the steel plates during testing, 32-1/2
X 3 X U4-in. stedl plates were welded on as stiffeners. The stiffeners were 7-1/2
in. shorter than the plate length to leave enough room for the clevis to be bolted
onto the steel plate. The resulting cross-section of the steel plates resembles a
channel section as shown in Figure 4.21. A 1-5/16 in. diameter hole for the clevis
bolt and a hole for each connector type had to be drilled through the steel plates.
A rectangular section was also cut out of the end of the steel plate enough for the
clamping bolt to travel during loading. The dimension and location of these holes

are shown in Figure 4.22.

FRONT VIEW SIDE VIEW

32-1/2in.x3in. x¥%in.

STIFFENERS
32-1/2in. 7-1/2in.

| W

\

6in.x1in.x40in. A36
STEEL PLATE

Figure 4.21: Dimensionsof the deel test plate
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Figure4.22: Holelocations on the steel test plate

453 Grout

For the selection of the grout material, the following qualities were
necessary:

= guitable for traffic applications

» fast setting

* high early compressive strength

= |ow shrinkage

= simple application

Five Star ® Highway Patch met all of the above requirements and was
selected for use in the POSST and DBLNB specimens of this study. Thisis a
fast-setting hydraulic grout typically used in traffic areas, including bridges. It isa
one-component material with a specified compressive strength of 2000 ps at 2
hours, 5100 psi a 24 hours, 7000 ps at 7 days. Due to its high early strength,
roads can be opened to traffic 2 hours after application (Five Star Products 2006).
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The manufacturer specifies a minimum water amount of 2.5 quarts and a
maximum water amount of 3 quarts to be used for a 50 |b bag. The strength of

the grout used in each specimen is presented in Chapter 5.

45.4 Shear and Tensle Tests of Shear Connectors

Individual shear and tensile tests were performed on shear connection
methods involving steel bolts or rods. Their main purpose was to compare the

probable strengths of those connectors with the specified values.

45.4.1 Shear Connectors|nvestigated in Strength Tests

Shear connectors tested for shear and tension include the welded headed
shear stud used for CIPST specimens, the ASTM A193 B7 threaded rod used for
DBLNB specimens, the Wedge-Bolt® concrete screw used for WEDGB
specimens, the standard ASTM A325 bolt used for HTFGB specimens, the and
Hilti HAS-E threaded rod used for HASAA specimens.

45.4.2 Test Setup and Equipment for Strength Tests

Individual anchors were tested in single shear using a austomized bolt
testing apparatus consisting of two shearing plates and a top and bottom block.
The connector was placed through the holes in the shearing plates. While one
shearing plate was placed to rest on the bottom block the second shearing plate
was held up by the connector (Figure 4.23a). The top block was then placed to
rest on the second shearing plate (Figure 4.23b). Using a universal testing
machine, load was applied to the top block; shearing plates sliced through the

connector; and the corresponding load was displayed on the machine.
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Figure4.23. Apparatus used for shear tests on single connectors: a) bottom

block with bolt and shearing plates; b) complete test apparatus

4.5.4.3 Resultsof Strength Tests on Single Connectors

In Table 4.3 are presented the measured mean ultimate shear strength of
each connector type, along with corresponding theoretical values. A strength
ratio, which is the quotient of the experimental value divided by the theoretical
value is given for each connector type. The theoretical ultimate shear strength for
each connector type was calculated as 60 percent of the specified ultimate tensile
strength except for HTFBG (ASTM A325 bolt), where the shear strength vaue
was taken from the American Institute of Steel Construction Manual 13" Edition
(AISC) Section J3 Table J3.2. As expected, the observed shear strengths were
greater than the theoretical ones.
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Table 4.3: Experimental and theoretical ultimate shear strength of connectors

Experimental Theoretical
Aver age Shear Ultimate Shear | Strength
Connector Type .
Strength Strength Ratio
(ksi) (ksi)

CIPST & POSST 487 36 0.81
DBLNB 91.7 72 127
HASAA 74.2 435 170
HTFGB 82.7 72 115
WEDGB 100.6 87 116

46 SHEAR CONNECTOR INSTALLATION PROCEDURES

Listed in this section are the installation procedures for each connection
method. CIPST specimens were the only specimens with shear connectors that
were cast inside the concrete blocks and required no post installation. The

remaining connection methods all required shear connectors to be installed after
the concrete blocks cured.

4.6.1 Ingtallation of CIPST Specimens

Cast-in-Place Welded Shear Stud specimens were the only method where
the shear stud was cast within the concrete block. Before casting of concrete,
seven steel plates with welded shear studs were placed on the molds and were
centered (Figure 4.24). Concrete was then poured in the molds and was vibrated,
avoiding the shear studs. The specimens were ready for testing after 28 days.
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Figure 4.24: CIPST specimens before casting

[

4.6.2 Installation of POSST Specimens

The same shear studs used for CIPST specimens were also used for
POSST specimens. The shear studs for both connection methods were welded at
the same time.

The Post-Installed Welded Shear Studs were installed in seven steps:

1. The concrete blocks were removed from the waffle forms and the 3.5 in.
diameter PV C pipes that were cast within the blocks were taken out.

2. The precast holes were saurated for 24 hours with water-soaked paper
towels or cloths. For two specimens, Five Star® Bonding Adhesive was
applied inside the precast hole instead of saturating the holes with water.
The bonding adlhesive enabled the immediate casting of the grout after
application.

3. The sted plates were placed on the floor with the welded studs pointing
upwards.

4. To sed the gap between the concrete block and the steel plate, caulk was
applied around the perimeter of the precast holes. This was intended to
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contain the grout within the hole.

5. The bottom formed faces of the concrete blocks were placed on the steel
plates with the studs centered in the precast holes (Figure 4.25).

6. Grout was mixed using the mixture proportions specified by the
manufacturer, using a mixing paddle and hand-held drill. Enough grout
was prepared to fill the holes in the specimens, as well as 4 in. x 8 in. test
cylinders (idealy 3 cylinders per test specimen). The grout was poured
into the holes and was rodded with a piece of wire to eliminate voids.

7. The grouted surface of the specimens and test cylinders were splashed
with water and covered with plastic, and the grout was cured for at least
one day.

Grout cylinders were tested at 24 hours and after testing each POSST
specimen. Results of grout cylinder tests are presented in Chapter 5.

Figure 4.25: Precast hole with welded stud before grouting
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4.6.3 Ingtallation of STWPL Specimens

Stud Welded to Plate specimens were not actually constructed for this
study. If these specimens were to be constructed, the same installation procedures
specified for POSST specimens would have been followed. The only additional
installation steps would be the preparation and welding of the smaller steel plates
as discussed in Chapter 3.

4.6.4 Installation of DBLNB Specimens

The same installation procedures followed for POSST specimens aso held
for DBLNB specimens. The additional steps are listed below.

1. 13/16-in. diameter holes were drilled through the stedl plates using a Jancy
magnetic Slugger®.

2. Therod was placed to a 5-in. embedment.

3. The connectors were tightened to a pretension of 28 kips. At first, a
torque wrench was used, but this required one person to hold the nuts on
one side of the plate and another person to tighten the nut from the other
side. To smplify the tightening procedure, an impact wrench was later
used, with “Squirter” Direct Tension Indicating (SDTI) washers to verify
the specified bolt pretension (Figure 4.26).

The Skidmore-Wilhelm Bolt-Tension Calibrator was used to determine the
precision and reliability of SDTI washers. The pretension applied to a bolt was
determined by inserting the bolt into the Skidmore and tightening it on to the plate
of the calibrator, with a torque wrench. The pressure created from tightening the
bolt is transmitted through the hydraulic fluid present in the calibrator to the gage
of the calibrator. Meanwhile, the tension in the bolt is displayed in pounds. This
helps determine the exact torque that needs to be applied to tighten a bolt to its

recommended minimum pretension (Skidmore-Wilhelm 2006).
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Figure 4.26: Double-Nut bolt attached to the steel plate: a) side of bolt to be

4.6.5

embedded in concrete b) tightened side of bolt with SDTI washers

Installation of HTFGB Specimens

HTFBG specimens were installed in six steps:

A 3/4-in. diameter hole was drilled through the steel plates using a Jancy
magnetic Slugger® hit.

A 2-in. diameter hole with a Hilti- TE 92 rotary hammer drill was drilled
2.7 in. deep, starting from the finished side of the concrete blocks (the
depth of the hole provided adequate clear cover for the bolt head).

The blocks were flipped onto their opposite side and a 3/4 in. diameter
hole was match-drilled through the previoudly drilled 2-in. diameter hole.
Because the larger diameter hole was drilled first, concrete did not break
out when the smaller hole was drilled. While care was taken to drill the
two holes concentrically, this was difficult. The uneven edges on the
finished side of the concrete blocks made it difficult to locate the true
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center point of the block. The smaller holes in some specimens were
drilled off-center, as shown in Figure 4.27.

4. The ASTM A325 bolt and awasher were placed with the bolt head resting
on the bottom of the 2-in. diameter hole, which was chiseled flat to
provide an even surface for the washer and bolt head.

5. The concrete blocks were flipped onto their opposite side and the steel
plates were placed on top of them.

6. The bolt was tightened to clamp the steel plate and concrete block together
until a bolt pretension of 28 ks was reached as verified by SDTI washers.

In an actual bridge application the 2-in. diameter holes corresponding to
the surface of the bridge deck would be grouted for both structural and aesthetic

purposes. HTFGB specimens were not grouted as it was deemed unnecessary for
this research.
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b)
Figure 4.27. Offset holes a) after drilling b) after bolt istightened

4.6.6 Installation of HASAA Specimens

HASAA specimens were installed in 8 steps:

1. A 13/16 in. diameter hole was drilled through the steel plates using a
Jancy magnetic Slugger®.

2. A 13/16in. diameter hole was drilled 5-1/2 in. deep through each concrete
block using a Hilti TE-52 rotary hammer drill.

3. A wire brush, compressed air, and vacuum were used to clean the debris
from the hole.

4. The Hilti HY 150 adhesive was injected to fill up 2/3 of the pre-drilled
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hole.

Connectors were twisted clockwise as they were being inserted through
the steel plates into the adhesive filled holes.

Excess adhesive that surfaced through the holes of the steel plates was
wiped off.

7. The adhesive was alowed to cure for 50 minutes.

4.6.7

The connectors were tightened until a specified torque of 150 t-1b. was

reached (Figure 4.28), using a torque wrench.

Figure 4.28: HAS-E anchor after installation

Installation of WEDGB Specimens

WEDGB specimens were installed in five steps:

13/16 in. diameter holes were drilled through the steel plates using a Jancy
magnetic Slugger®.

3/4-in. diameter holes were drilled 5-3/4 in. deep into the concrete blocks
using aspecia carbide drill bit by Power Fasteners.

The debris was cleaned from the holes using compressed ar and a

vacuum.



4.6.8

The steel plates were aligned on the concrete blocks and the bolts were
inserted.

Using atorque wrench, the screws were inserted through the plate into the
concrete and tightened until the bolt heads were flush with the plates until
achieving a torque of 200 ft-1b (the manufacturer’s specified value for
3000-psi concrete). A torque wrench was used to screw the bolts into the

concrete blocks through holes in the steel plates.

Installation of 3M EPX Specimens

3MEPX specimens (Figure 4.29) were installed in five steps:

7-in. wide strips down the center of the formed face of the concrete blocks
were sand blasted until the course aggregate in the concrete was visible.
The adhering surface of the steel plates were scoured with a scouring pad
and then wiped clean with 70% Isopropyl Alcohoal.

Eight cartridges of epoxy were applied onto the sandblasted strip of each
block.

The plate was then placed on the epoxy and another test block was placed
on top to apply the manufacturer’s minimum specified pressure of 1-2 psi.

The epoxy was allowed to cure for 7 days.
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Figure 4.29: Epoxy Plate after installation

4.7 TEST PROGRAM

This section describes the three types of tests that were performed in this
study: static tests, high-cycle fatigue tests, and low-cycle fatigue tests. Below isa
brief description of each type of test, the steps taken to perform each one, and the

test matrix followed to conduct this research.

471 Static Tests

Static tests were performed to obtain the load-dlip behavior of each type of
connector. They provided information on connection stiffness, ultimate strength
and ductility. Data gathered were compared to those of Schaap (2004) and
Hungerford (2004), and were also used to plan the fatigue tests.

One static test per connection method was deemed adequate. Replicate
tests were performed for the POSST and WEDGB connection methods. As a
result, atotal of eight tests were performed.

86



Severa steps were followed to conduct the static tests:

. The specimens were placed on neoprene pads on the base plate of the frame.

. The gaps between the specimen and the restraining angles were filled with
hydrostone poured in plastic bags. The gap between the underside of the
specimens and the test frame were filled with hydrostone at the corners.
Neoprene pads were placed between the concrete block and the clamping
angles. For cyclic tests, neoprene pads were replaced with hydrostone.

. Once hydrostone in al locations had hardened, clamping angles were
tightened down to restrain the movement of the concrete block.

. Thelocations of the brackets were marked and were then glued to the sides of
the steel plate with fast setting epoxy.

. Once the epoxy had hardened, the LVDT’s were clamped to the concrete
block using carpenter’s clamps.

. TheLVDT s were offset on the PDAQ to read zero initial displacement.

. The 407 Controller was programmed to stop the test in the case of connector
failure.

. The load was manually increased at a low rate.

. Time, displacement, and load values were recorded by the PDAQ a a
frequency of 1-2 Hz.

10. The controller stopped the test once the connector failed and zero load was

read. If the concrete block cracked severely, the test was stopped manually.

4.7.2 High-Cycle Fatigue Tests

Tests in highcycle fatigue were performed to assess the fatigue

performance of shear connectors under repeated service loads. For these tests,

stress range was used as the independent variable and the corresponding fatigue
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life of each connector was measured in the number of cycles to failure, permitting
construction of S-N curves as discussed in Chapter 2.

The stress ranges used in this research were selected as follows:

1. Stress ranges used by earlier researchers for the fatigue assessment of
welded studs were also used for CIPST specimens. This enabled a direct
comparison of results and gave additional information on the reliability of
the direct shear test setup.

2. For al other connection methods, a single test was performed for each
type of connector at a stress range aready used for CIPST specimens.
Depending on the response of each connector, the subsequent stress ranges
were adjusted as needed.

3. It was essentid that the selected stress ranges lie below the yield stress of
the connector material. This was ensured by using the load-deflection
response obtained from static tests for each connector type.

For cyclic tests, the 407 Controller required specified load ranges rather
than stress ranges. Stress ranges were multiplied by the effective tensile stress
area of each connector to obtain the corresponding load ranges.

To prevent inadvertent reversal of load, which could damage the specimen
and the loading apparatus, a minimum load of 0.9 kips was specified for each load
range. For most tests, a constant mean value was used, eliminating mean load as
avariable. For tests with high stress ranges, however, the mean load was adjusted

to keep the maximum load below the specified yield strength of the connector.

4.7.2.1 Test Matrix for High-cycle Fatigue Tests

Due to the unknown fatigue lives of the majority of connectors
investigated and time constraints, only three tests per connection method were

initially scheduled. The CIPST method was the only exception with seven tests
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and four different stress ranges, intended to create more reliable benchmark data
for comparison with retrofit aternatives. Table 4.4 is the test matrix of stress
ranges for each connection method. The number of additional specimens tested
for a give stress range is shown in parentheses adjacent to the stress ranges. A
total of 20 high-cycle fatigue tests were performed on shear connectors. Each test
generated apoint on the S-N curves presented in Chapter 5.

Table 4.4: Test matrix for high-cycle fatigue tests

Shear Connection Methodswith Tested Stress Ranges
CIPST | POSST | DBLNB | HTFGB | WEDGB | HASAA
25 ks 25 ks 60 ks 45 ks 40 ks 40 ks
20ks | 20ks (1) | 40ks 35 ks 30 ks 35 ks
15ks 15ks B3 ks 25ks 30ks

10ks (1)

4.7.2.2 Testing Procedure for High-cycle Fatigue Tests

The procedure for high-cycle fatigue tests followed the sme first eight
steps as for the static tests. The tests were started with an initial static loading
before the application of cyclic loads, permitting comparison of the load-
displacement data between high-cycle fatigue and static tests. The static load was
applied by first manually increasing the load up to the upper limit of the load
range (maximum load). Next, the load was reduced down to the lower limit
(minimum load). Findly, the load was increased up to the mean load which
corresponds to the “set point” in the 407 Controller.

Once the “set point” was reached, half of the loading amplitude (span) and

the loading frequency were specified in the controller. Cyclic loading was then
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applied until connector failure A fatigue test was typically stopped if a connector
showed no signs of failure after 5 million loading cycles. The number of load
cycles applied to each specimen was displayed on the controller monitor. Several
specimens that did not fail were loaded statically up to failure.

4.7.3 Low-Cycle Fatigue Tests

Shear connectors that showed adequate performarce under high-cycle
fatigue were also tested in low-cycle fatigue. The purpose of these tests was to
assess the behavior of a shear connector subjected to overloads.

As is typica for tests in low-cycle fatigue, the connectors were tested
under displacement control. This required the selection of a displacement range
that forced the connector beyond itsyield strength In light of static test results, a
displacement range between 0.1 in. and 0.2 in. was selected for each specimen.
The specimens were tested until failure or 4000 displacement cycles were
reached. At least 2 tests were performed per connector type (1 test for the CIPST
method), for atotal of 10 tests.

The procedure low-cycle fatigue tests followed the same steps as for high
cycle fatigue tests, with the only difference being that displacement control was
used instead of load control. This required modifications only in the data
acquisition process as explained in Section 4.2.3. Because nstartaneous load
values were not tracked by the controller, the tests could not be automatically
stopped after connector failure. These tests were stopped manually and the
number of load cycles was displayed on the controller monitor. Specimens that
remained intact up to 4000 cycleswere tested statically to determine their ultimate
strength.
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CHAPTER 5

Test Results

5.1 [INTRODUCTION

This chapter presents the results from static, high-cycle fatigue, and low
cycle fatigue tests conducted on the cast-in-place welded stud and retrofit shear
connectors.  The reported results include the load-dlip behavior of connections
under static loading, high-cycle and low-cycle fatigue, and the failure modes of
each specimen.

Results for 38 individual tests are reported in the following sections by
their corresponding specimen identification (ID). The specimen ID’s for static
tests consist of the abbreviation of the connection method (Table 4.1) followed by
“-ST” to indicate a static test. For example the static test conducted for the Cast-
in-Place Welded Stud is referred to as CIPST-ST. Specimens for high-cycle tests
are referred to as the abbreviation of the connection method followed by the stress
range at which the specimen was tested. For example, a Cast-in-Place Welded
Stud specimen tested at 25 ks stress range is referred to as CIPST25.  Specimens
for low-cycle fatigue tests use the abbreviation for the connection method
followed by a number indicating the order in which the specimen was tested. For
example, the second low-cycle fatigue test specimen for the Double-Nut Bolt is
referred to as DBLNB2.

5.2 STATIC TESTRESULTS

In this study, one of each of the investigated shear-connection methods
was tested under static loading. Test results are summarized in Table 5.1. The
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compressive strength of concrete on the day each specimen was tested is
presented in Table A.1.

The ultimate shear load of connectors ranged between 21.1 kips for the
Specimen POSST and 63.8 kips for Specimen 3MEPX. Connector dlip at
ultimate load from 0.001 in. for Specimen 3SMEPX-ST to 0.70 in. for Specimen
WEDGB-ST were obtained. Most failures occurred as a result of shearing of the
connector at the steel-concrete interface, except Specimens WEDGB-ST and
HTFGB, for which failure occurred through the connector below the stee-
concrete interface, and Specimen 3MEPX-ST, which failed below the adhered
surface of the concrete. Throughout this chapter, the failure mode of each
specimen is described. In these descriptions “in front of the connector” refers to
the side of the connector towards the loading ram, and “behind the connector”
refers to the side of the connector away from the loading ram. Severa images of
failed specimens are aso presented in this chapter, and the rest are provided in

Appendix B.
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Table5.1: Summary of static test results

] Slip at
Ultimate _ Load at _ )
Ultimate ] Failed Failure
Specimen L oad 0.2in. _
) L oad ) Component L ocation
(kips) _ (Kips)
(in)
CIPST-ST 294 0.69 20.5 Wed Weld pool
POSST-ST 21.1 0.03 - Wedd Steel-concrete
interface
POSST-ST(F)* 28.8 0.27 284 Connector Stem of stud
DBLNB-ST 289 0.32 27.1 Connector Steel-concrete
interface
HTFGB-ST 38.8 0.61 29.6 Connector Below steel-
concrete
interface
HASAA-ST 22.9 0.33 22.0 Connector Steel-concrete
interface
WEDGB-ST 275 0.70 145 Connector Below steel-
concrete
interface
3MEPX-ST 63.8 0.001 - Concrete Below adhered
surface surface

* (F) denotes fillet-welded stud.

The relative dip between the steel plate and the concrete block was
measured at the connector level by two LVDT’s on each side of the steel plate.

Slip values reported in this chapter are the average of the two LVDT readings in

the direction of loading. Twisting of the steel plate was observed in some

specimens, either by visual observation or from dip values measured by each
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LVDT. Such twisting was removed by averaging each set of two LVDT readings,
and that average is the relative dlip reported in each test.

Grout was used for POSST and DBLNB specimens. The compressive
strength of grout was determined by cylinder tests as previously mentioned in
Chapter 4 at ages of 24 hours, 7 days, and after each test. Three separate sets of
grouted specimens were constructed for static and fatigue tests. In Table 5.2 are
reported the 24-hour and 7-day grout compressive strengths in those test
specimens.  Strength values were below the manufacturer-specified strengths of
5100 psi at 24 hours and 7000 psi at 7 days. This may be due to differencesin
actual mixture proportions used. The compressive strength of grout on the day of

testing is reported in the following sections for each specimen.

Table 5.2: Tested average compressive grout strength for POSST and DBLNB
specimens at 24 hours and 7 days

Compressive Strength of Grout
POSST-ST
_ POSST 25, 20, 20a | POSST-ST(F), DBLNB1,
Time DBLNB-ST, POSST 15(F) DBLNB2
DBLNB 33, 40, 60
24 hours 4881 psi 4788 psi 4511 psi
7 days 6234 psi 5650 psi 5172 psi

5.2.1 Resultsfor Cast-I n-Place Welded Shear Stud (CIPST)

The load-dlip curve of Specimen CIPST-ST is shown in Figure 5.1. The
ultimate load of the connector reached 29.4 kips with a corresponding slip of 0.69
in.
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Figure5.1: Load-slip curvefor Specimen CIPST-ST

The stud failed through the weld collar as shown in Figure 5.2 (b). In
Figure 5.2 (&) the local crushing of concrete in front of the stud is shown.
Longitudina cracks were observed in the line of loading, both behind and in front
of the connector as shown in Figure 5.3. Air voids in the concrete were also
apparent at the surface underneath the steel plate. The voids at this location can
be attributed to the rising of air bubbles to the surface of the concrete during
casting of concrete. These air bubbles most likely were trapped underneath the

steel plate, causing air pockets to form.
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a) concrete block, b) steel plate

Figure5.3: Voidsand longitudinal crack behind stud (Specimen CIPST-ST)

During the testing of Specimen CIPST-ST, linear potentiometers (LP)
were used at both ends of the steel plate (in the line of loading) to check for the
lifting of the plate. Small acrylic pieces were taped on each end of the steel plate
for the LP' s to rest on. This was done to reduce the friction between the LP and
the steel surface. The LP datadid not indicate any vertical movement of the steel
plate. The clamping rod was aso checked to determine whether it resisted any
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applied load, by pulling the steel plate monotonically after connector failure and

monitoring any increase in load. No resistance was observed due to clamping.

5.2.2 Resultsfor Post-Installed Welded Shear Stud (POSST)

The load-dlip curve for Specimen POSST-ST is shown in Figure 5.4. The
ultimate load of the connector reached 21.1 kips with a corresponding slip of 0.03
in. Specimen POSST-ST had a bent steel plate which left a gap relative to the

concrete block at the connector level. A maximum gap size of approximately 1/8

in. was measured (Figure 5.5).
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Figure5.4: Load-dlip curvefor Specimen POSST-ST

Specimen POSST-ST failed in a brittle manner at an overal dip of less
than 0.1 in. The stud failed through the weld, removing some of the plate material
behind the shear stud as shown in Figure 5.6. Local crushing and cracking of the

grout was also observed in front of the stud (Figure 5.7).
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Cylinder tests were conducted to determine the strength of grout on the
day of testing. An average compressive grout strength of 7281 psi was obtained
at an age of 27 days.

Figure5.6: Failureof weld in shear (Specimen POSST-ST)
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Figure5.7: Crushing of grout in front of stud (Specimen POSST-ST)

To determine the cause of the brittle failure of Specimen POSST-ST, a
supplementary test specimen was built using a fillet-welded stud. For this
specimen, a bent plate was used, similar to the one observed for Specimen
POSST-ST. The load-slip curve for Specimen POSST-ST(F), shown in Figure
5.8, indicates increased strength and ductility due to the use of a fillet-weld.
Based on this curve, it was concluded that the weld for Specimen POSST-ST was
defective and caused the brittle failure of the specimen. The bent plate did not
affect the failure mode.
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Figure5.8: Load-dlip curvefor Specimen POSST-ST(F)

The fillet-welded stud failed through the stem of the stud as shown in
Figure 5.9. Figure 5.10 shows local crushing of grout in front of the stud. The
average compressive strength of the grout in the specimen was 7852 ps at an age

of 27 days.
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Figure5.10: Crushing of groutin front of stud (Specimen POSST-ST(F))
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5.2.3 Resultsfor Double-Nut Bolt (DBLNB)

Specimen DBLNB-ST reached an ultimate load of 28.9 kips with a
corresponding dip of 0.32 in. Due to the pretension applied to this type of
connector, the load-dip curve in Figure 5.11 shows an initial increase in load
without any related dip. The pretenson was eventually overcome after an
applied load of about 5 kips, after whichload and dlip increased, accompanied by
bearing of the connector against the steel plate.
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Figure5.11: Load-dlip curvefor Specimen DBLNB-ST

The connector failed in shear at the steel-concrete interface (Figure 5.12),

accompanied by local crushing of grout in front of the connector. In Figure 5.13
the section of the failed connector above the steal-concrete interface is shown.

The bearing deformationin the steel plate is shownin Figure 5.14.
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Figure5.12: Failed connector at steel-concrete interface (Specimen DBLNB-
ST)

Figure5.13: Side and top view of the failed connector (Specimen DBLNB-ST)
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Figure5.14: Bearing deformation in steel plate (Specimen DBLNB-ST)

The compressive strength of grout was obtained immediately after the
connection specimen was tested, and the average compressive strength was 9788
ps at 40 days.

524 Resultsfor High-Tension, Friction Grip Bolt (HTFGB)

Similar to Specimen DBLNB-ST, pretension was applied to the
connector during installation. During testing, this resulted in an initia increase in
load without dlip until approximately 5 kips (Figure 5.15), followed by an
increase in load due to bearing of the connector against the stedl plate. Specimen
HTFGB-ST reached an ultimate load of 38.8 kips with a corresponding dlip of
0.61 in. The dip values were based on the readings from one LVDT only,
because at the end of the test the second LVDT was found to not be in contact
with the bracket adhered to the steel plate. During the initial stages of the test, the
disregarded LVDT readings displayed dightly smaller dlip values compared to the
other LVDT. Therefore, the actual dlip at ultimate in the line of the connector
may be dightly less than the reported value.
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Figure5.15: Load-slip curve for Specimen HTFGB-ST

The connector falled in shear dightly below the steel-concrete interface
(Figure 5.16). In Figure 5.17 the section of the failed connector above the failure
plane is shown. Connector failure was accompanied by cracking of the concrete
block (Figure 5.18), local crushing of concrete in front of the connector, and
bearing deformation of the steel plate.
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Figure5.16: Shear failure of the Specimen HTFGB-ST below the steel -
concrete interface
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Figure5.17: Failed connector (Specimen HTFGB-ST)
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Figure5.18: Shear failure of connector accompanied by cracking of the
concrete block (Specimen HTFGB-ST)

5.25 Resultsfor Adhesive Anchor (HASAA)

Specimen HASAA-ST reached an ultimate load of 22.9 kips at a dip of
0.33in. Theload—dlip curve for this specimen, shown in Figure 5.19, indicates an
initial loading without dlip of up to approximately 5 kips. This is due to the
pretensioning of the connector during installation. Once the friction force due to

pretension was overcome, load and dlip increased, and the connector slipped into
bear against the steel plate.
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Figure5.19: Load-dlip curve for Specimen HASAA-ST

The connector failed in shear at the steel-concrete interface. During
installation, excess adhesive spread around the connector at the steel-concrete
interface and in the hole in the steel plate. The loca crushing of concrete and
adhesive in front of the connector is shown in Figure 5.20. After failure, the
section of the failed connector inside the steel plate could not be removed (Figure

5.21).
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Figure5.21: Failed HAS-E Anchor in steel plate (Specimen HASAA-ST)

5.2.6 Resultsfor Concrete Screw (WEDGB)

The load-slip curve, as aresult of the static testing of Specimen WEDGB-
ST, is shown in Figure 5.22. This specimen showed the largest dip among all
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connections tested. Specimen WEDGB-ST reached an ultimate load of 27.5 kips
at adip of 0.70 in. An initial increase in load without any dip is observed up to
about 2.5 kips. This can be attributed to the fact that the locking teeth underneath
the bolt head locked against the steel plate as the connector was tightened. Once
friction forces between the bolt head and stedl plate were overcome, the connector
dlipped into bearing with the steel plate, resulting in an increase in load and dlip.
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Figure5.22: Load-dlip curve for Specimen WEDGB-ST

Specimen WEDGB-ST failed in a combination of shear and tension below
the steel-concrete interface (Figure 5.23), accompanied by local crushing of

concrete behind and in front of the connector (Figure 5.24), suggesting a possible
pryout failure. In Figure 5.25, of the side and front view of the failed connector,
the bearing location of the connector on the steel plate is shown, as well as cracks
opposite the bearing side of the connector. The connector caused significant

bearing deformation in the steel plate (Figure 5.26).
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Figure 5.23 Failed Specimen WEDGB-ST
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Figure5.25 Side and front view of failed connector (Specimen WEDGB-ST)

112



Figure 5.26 Bearing deformation of steel plate (Specimen WEDGB-ST)

5.2.7 Resultsfor Epoxy Plate (3M EPX)

Specimen 3MEPX-ST showed the highest ultimate shear strength and the
least amount of slip among all connectors tested. The load-slip curve of the
specimen is shown in Figure 5.27. Specimen SMEPX-ST reached an ultimate
load of 63.8 kips without dlip until failure.
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Figure5.27: Load-dlip curvefor Specimen SMEPX-ST

Figure 5.28 shows Specimen 3MEPX-ST &fter falure. Shear failure
occurred primarily below the adhered surface of the concrete. Less than one-
guarter of the adhered surface failed at the steel-concrete interface, possibly due
to insufficient bond between the epoxy and stedl at those locations.
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Figure5.28: Failed Specimen SMEPX-ST

5.3 RESULTSFOR HIGH-CYCLE FATIGUE TESTS

This section presents results from 20 high-cycle fatigue tests conducted at
predetermined stress ranges for each shear connection method. Due to the brittle
behavior exhibited by Specimen 3MEPX-ST, 3BMEPX specimens were not tested
in high-cycle fatigue.

Each high-cycle fatigue test started with an initiad application of
monotonic load followed by the application of load cycles until failure, as
previously described in Chapter 4. Each specimen was tested either until failure
occurred or until 5 million loading cycles was reached. Test results are
summarized in Table 5.3, and test parameters for each specimen are provided in
Table A.2.

Stress range was he primary variable for investigations in high-cycle

fatigue. S-N plots, which are typically used to present the fatigue life of a
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material (number of cycles to failure) at different stress ranges, are used in the
following subsections to present results for each shear connection method. The
stress range applied to each connector is plotted on the vertica axis and the
number of cycles to failure is plotted on the horizontal axis in logarithmic scale.
Stress ranges were calculated based on the effective tensile stress area of each
connector at the steel-concrete interface.
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Table 5.3: Summary of resultsfor high-cycle fatigue tests

_ Stress Range L oad Range _
Specimen _ _ Cyclesto Failure
(ksi) (Kips)
CIPST25 25 110 5815
CIPST20 20 8.8 31690
CIPST15 15 6.6 49234
CIPST10 10 4.4 312094
CIPST10a" 10 4.4 >14700000
POSST25 25 110 124731
POSST20 20 8.8 94180
POSST20a" 20 8.8 112829
POSST15(F)* 15 6.6 >5000000
DBLNB60 60 20.0 72961
DBLNB40 40 134 >5500000
DBLNB33 33 110 >5000000
HTFGB45 45 19.9 191819
HTFGB35 35 155 >5600000
WEDGB40 40 154 1172
WEDGB 30 30 115 297500
WEDGB25 25 9.6 543133
HASAA40 40 134 92400
HASAA35 35 117 424789
HASAA30 30 10.0 694633

* (F) denotesfillet-welded stud
+“a’ denotesreplicatest
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Table5.4: Summary of failure modesin high-cycle fatigue

Specimen Failed Component Failure Location
CIPST25 Wed Steel-concrete interface
CIPST20 Weld Steel-concrete interface
CIPST15 Wed Steel-concrete interface
CIPST10 Wed Steel-concrete interface
CIPST10a" No Failure -
POSST25 Weld Steel-concrete interface
POSST20 Weld Steel-concrete interface
POSST20a" Wedd Steel-concrete interface
POSST15(F)* Connector Stem of stud above weld pool
DBLNB60 Connector Below steel-concrete interface
DBLNB40 No Failure -
DBLNB33 No Failure -
HTFGB45 Connector Above steel-concrete interface
HTFGB35 No Failure -
WEDGB40 Connector Below steel-concrete interface
WEDGB30 Connector Below steel-concrete interface
WEDGB25 Connector Below steel-concrete interface
HASAA40 Connector Above and below steel-
concrete interface
HASAA35 Connector Above and below steel-
concrete interface
HASAA30 Connector Above steel-concrete interface

* (F) denotes fillet-wel ded stud
+“a" denotes replicatest

Load-dlip readings for connectors were recorded during the initial

application of monotonic load and intermittently throughout cyclic testing, to
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assess degradation in stiffness under high-cycle fatigue loading. The resulting
load-dlip curves showed increasing slip and decreasing stiffness with cycling for
all connectors, with quantitative changes varying with stress range and connection
type. InFigure 5.29 are shown the static and cyclic load-dip curves for Specimen
CIPST25, representative of the general trend observed in the load-dlip behavior of
all investigated connectors. The load-dlip curves of individual test specimens are
presented in Appendix C, with the exception of Specimen CIPST20, for which the
data acquisition system malfunctioned at the time of testing.
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Figure5.29: Static and cyclic load-dlip curvesfor Specimen CIPST25

The failure mode of each specimen is described in this section along with
figures representative of general failure modes. Images of failed specimens not

presented here are provided in Appendix D.
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5.3.1 Resultsfor Cast-in-Place Welded Stud (CIPST)

Five CIPST specimens were tested under high-cycle fatigue at four
different stress ranges: 25 ksi, 20 ksi, 15 ksi, and two tests at 10 ksi. The
resulting SN plot is shown in Figure 5.30. The number of cycles to failure
ranged between 5815 cycles for Specimen CIPST25 and 312094 cycles for
Specimen CIPST10. Specimen CIPST10a did not fail before 14.7 million load
cycles and is shown as a runout specimen with an arrow adjacent to the

corresponding data point.
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Figure5.30: SN curvefor CIPST specimens

At astress range of 10 ksi, one CIPST specimen failed while the other did
not fail within 5 million cycles. It is probable that 10 ksi is very close to the
endurance limit for that type of specimen.

All CIPST specimens except Specimen CIPST10a failed in shear at the
steel-concrete interface. Failure initiated at the stud weld and penetrated through
the steel plate; removing some of the plate material. In Figure 5.31 the failed
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Specimen CIPST15 is shown, and is representative of the typical failure mode
observed for al CIPST specimens. Failure of shear studs was accompanied by
local crushing of concrete in front of the stud. Voids on the concrete surface
under the steel plate were also observed (Figure 5.31).

b) I LA
Figure5.31: Failed Specimen CIPST15: a) concrete block, b) steel plate
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During the testing of Specimen CIPST20, a defective servovalve caused
several applications of reversed loading (slightly below zero kips) on the
connector. The servovalve was replaced after 400 loading cycles.

Slight rocking of the concrete block was observed during the testing of
Specimens CIPST15 and CIPST10a. This was due to the insufficient application
of hydrostone around the concrete blocks.

5.3.2 Resultsfor Post-Installed Welded Stud (POSST)
Four POSST specimens were tested under high-cycle fatigue at three

different stressranges: 25 ksi, two specimens at 20 ksi, and 15 ksi. The resulting
S-N plot is shown in Figure 5.32. The number of cycles to failure ranged between
124731 cycles for Specimen POSST25 and 94180 cycles for Specimen POSST 20.
Specimen POSST15(F) did not fail at 5 million cycles, and is shown with an
arrow next to its data point. An additional test was conducted at a 20 ks stress
range, since Specimen POSST20 had a shorter fatigue life than Specimen
POSST25 specimen. The similar fatigue lives of Specimens POSST20a and
POSST20 confirms the reliability of the result for those specimens. The data
point for POSST25 may also be reliable, even though it shows the scatter
typically associated with fatigue data.
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Figure5.32: SN plot for POSST specimens

The 24-hour and 7-day grout strengths for POSST specimens are
presented in Table 5.2. The compressive grout strength of each POSST specimen
on the day of testing is presented in Table 5.5.

Table5.5: Tested average compressive grout strength for POSST specimens on
the day of testing

_ Compressive Strength
Specimen _
(psi)
POSST25 9178
POSST20 8051
POSST20a 8462
POSST15(F) 7852
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All POSST specimens except Specimen POSST15(F) failed in shear at the
steel-concrete interface. Failure was typically marked by local crushing of grout
in front of the stud. Specimens POSST25 and POSST20a showed the same
failure mode where fracture occurred at the weld. The failed Specimen POSST 25
is shown in Figure 5.33, in which bending of the stud is apparent at the steel-
concrete interface. Specimen POSST20 failed through the heat-affected zone of
the stedl plate as shown in Figure 5.34. For this specimen, misalignment of the
steel plate with the loading ram was observed prior to testing. This resulted in a
torsional movement of the steel plate under load.
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Figure5.33: Failed Specimen POSST?25: a) concrete block, b) steel plate
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b)
Figure5.34. Failed Specimen POSST20: a) concrete block, b) steel plate

Specimen POSST15(F) was constructed at the same time as Specimen
POSST-ST(F) and had a fillet-welded stud. After 5 million fatigue cycles, the
connector was tested statically to determine its ultimate load, and a value of 29.0
kips was obtained. Specimen POSST15(F) failed, like Specimen POSST-ST(F),
through the stem of the stud above the weld pool (Figure 5.35).

126



Figure 5.35: Failed Specimen POSST15(F): a) concrete block, b) steel plate

5.3.3 Resultsfor Double-Nut Bolt (DBLNB)

Three DBLNB specimens were tested under high-cycle fatigue at three
different stress ranges: 60 ksi, 40 ksi, and 33 ksi. Theresulting SN plot is shown
in Figure 5.36. Fatigue faillure was obtained only for Specimen DBLNBGO.
Specimens DBLN B40 and DBLNB33 remained intact up to 5 million loading
cycles. The fatigue testing of these specimens was stopped and both specimens
were loaded statically to obtain the ultimate load of the connectors.
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Figure5.36: SN curvefor DBLNB specimens

The 24-hour and 7-day grout strength for DBLNB specimens were
presented earlier in Table 5.2. The compressive grout strength of each DBLNB
specimen on the day of testing is presented in Table 5.6.

Table 5.6: Tested average compressive grout strength for DBLNB specimens
on the day of testing

_ Compressive Srength of Grout
Specimen _
(psi)
DBLNBG60 9648
DBLNB40 10226
DBLNB33 10557

The only fatigue failure occurred for Specimen DBLNBG60, through the

connector below the steel-concrete interface. The failure plane corresponded to
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the level a which the second nut on the threaded rod ended (Figure 5.37).
Significant crushing of both the grout and concrete was observed in front of the
connector. This may be attributed to the layer of sealant between the grout and
concrete at the steel-concrete interface. The sealant may have decreased the

confinement around the grout, causing it to crush locally at early stages of
loading. This may have shifted the reaction on the connector below the steel-

concrete interface resulting in the observed failure mode.
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Figure5.37: Failed Specimen DBLNBG60

Specimens DBLNB40 and DBLNB33 failed in shear at the steel-concrete
interface. Specimen DBLNB40 reached an ultimate load of 29.0 kips, while
Specimen DBLNB33 reached 29.4 kips. In Figure 5.38, the failed Specimen
DBLNB40 is shown and is representative of the faillure mode of Specimen

DBLNB33.
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The concrete block of Specimen DBLNB40 had an uneven surface which
left a gap relative to the steel plate of approximately 1/2 in. at the back and 1/8 in.
in the front of the specimen. Specimen DBLNB33, on the other hand, had a bent
steel plate which left a gap relative to the concrete block of approximately 1/8 in.
at each end of the specimen. During testing, the steel plate lifted and twisted
dightly. Slip readings from only one LVDT were used, because one of the
brackets broke during testing.
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Figure5.38: Failed Specimen DBLNBA40: a) concrete block, b) steel plate

534 Resultsfor High-Tension, Friction Grip Bolt (HTFGB)

Two HTFGB specimens were tested under high-cycle fatigue at two
different stress ranges. 45 ks and 35 ksi. The resulting SN plot is shown in
Figure 5.39. Only Specimen HTFGBA45 failed in fatigue. Specimen HTFGB35
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withstood 5.6 million loading cycles and was later tested under low-cycle fatigue;
results for that test are discussed in Section 5.4.
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Figure5.39: SN curvefor HTFGB specimens

Specimen HTFGBA45 failed above the steel-concrete interface, within the
steedl plate. Loca crushing of concrete around the connector and significant
bearing deformation in the steel plate were observed.

535 Resultsfor Adhesive Anchor (HASAA)

Three HASAA specimens were tested under high-cycle fatigue at three
different stressranges. 40 ksi, 35 ksi, and 30 ksi. The resulting S-N plot is shown

in Figure 5.40. Fatigue failure was obtained for all three specimens.
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Figure5.40: SN curve for HASAA specimens

Fatigue failure of Specimens HASAA40 and HASAA3S occurred at two
locations through the connectors, above and below the steel-concrete interface.
The failed Specimen HASAA4O is shown in Figure 5.41 and the failed connector
isshown in Figure 5.42. This type of failure may be due to the presence of HY
150 adhesive in the hole in the steel plate. It islikely that the adhesive provided a
restraint for part of the connector (adhesive was not spread through the entire
depth of the hole) in the steel plate, preventing the slip of the connector within the
hole. This possibly resulted in two reactions on the connector: below the steel-
concrete interface (inside the concrete block) and above the steel-concrete
interface (inside the steel plate). This may have caused stress concentrations at
the reaction points, causing the connector to fail in double shear. Local crushing

of concrete was also observed in front of the connector.
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b)
Figure5.41: Failed Specimen HASAA4O: a) concrete block, b) steel plate
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Figure5.42: HAS-E anchor failed at two locations (Specimen HASAA40)

Specimen HASAA3O failed only at one location through the connector,
above the steel-concrete interface. The part of the connector inside the concrete
block was not checked for fracture. It is possible that the connector also failed
below the steel-concrete interface like Specimens HASAA40 and HASAA3O. In
Figure 5.43, failed Specimen HASAA3O0 is shown with excess HY 150 adhesive
spread around the connector at the steel-concrete interface as well asin the hole in

the steel plate. Local crushing of concrete and the adhesive is aso shown.
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b)
Figure5.43: Failed Specimen HASAA3O: a) concrete block, b) steel plate

Specimen HASAA30 had a bent steel plate which created a gap relative to
the concrete block of about 1/8 in., in line with the connector. For Specimen
HASAA40 a gap between the stedl plate and concrete block of less than 1/8 in.

was noticed along the steel-concrete interface.
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5.3.6 Resultsfor Concrete Screw (WEDGB)

Three WEDGB specimens were tested under high-cycle fatigue at three
different stress ranges: 40 ksi, 30 ksi, and 25 ksi. The resulting S-N plot is shown
in Figure 5.47. All three specimens failed in fatigue after 1172, 297500, and
543133 cycles respectively.

50
=~ 40 @
7]
< L
(]
@ 30t &
©
o <
(7))
§ 20
N
10
0 1 11 1 1111l 1 111111l 1 11 111111
1.E+03 1.E+04 1.E+05 1.E+06 1.E+07

Number of Cycles to Failure

Figure5.44: SN curvefor WEDGB specimens

WEDGB specimens failed below the steel-concrete interface.  This
indicates that a combination of shear and tension forces acted on each connector.
Significant crushing and spalling of concrete around the connectors and bearing
deformation in the steel plates were observed. The severity of the crushing in
concrete and bearing deformation in the steel dates decreased with decreasing
stress range.

The failed Specimen WEDGBA4O0 is shown in Figure 5.45. Failure of the

connector began at the root of athread below the steel-concrete interface.
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Figure5.45: Failed Specimen WEDGB40

Specimens WEDGB30 and WEDGB25 failed like Specimen WEDGB40.
Failed Specimen WEDGB25 is shown in Figure 5.46 and is representative of the
failure mode of Specimen WEDGB30. Failure occurred at the beginning of
threaded section of the connector. The location of falure for these two
connectors was closer to the steel-concrete interface than for Specimen
WEDGB40. Less crushing of concrete was observed in front of the connector
than for Specimen WEDGBA40.
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Figure5.46: Failed Specimen WEDGB25

54 RESULTSOF LOW-CYCLE FATIGUE TESTS

Shear connection methods that performed well under high-cycle fatigue
were tested under low-cycle fatigue. Specimens were tested cyclically under
displacement control until either failure or 4000 cycles was reached. As
described previously in Chapter 4, a maximum displacement of 0.2 in. and a
minimum displacement of 0.1 in. were applied to each specimen. Parameters
used for the testing of each connector are provided in Table A.3.

Table 5.6 summarizes the results obtained from low-cycle fatigue tests.
All specimens for candidate shear connection methods performed better than
Specimen CIPST1, which failed immediately upon the application of fatigue
cycles. Failure occurred only in Specimen HTFGB1, which had previously been
subjected to 5.6 million cycles of fatigue loading under a 35 ks stress range.
Specimens that remained intact up to 4000 cycles (5000 cycles for HTFGB2)
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were finally tested statically to failure. Results of these static tests are also given

for each specimen in the following sections.

Table 5.7: Summary of resultsfor low-cycle fatigue tests

_ Number of Failed Component &

Specimen ) )
Cyclesto Failure Location
CIPST1 - Shear a weld
DBLNB1 >4000 No Failure
DBLNB2 >4000 No Failure
HTFGB1 1250 Shear of connector above
steel-concrete interface

HTFGB2 >5000 No Failure
HTFGB3 >4000 No Failure
HASAA1 >4000 No Failure
HASAA2 >4000 No Failure
WEDGB1 >4000 No Failure
WEDGB2 >4000 No Failure

The load sustained by the connector at each displacement cycle was
recorded during each test, permitting the development of a load-time graph for
each specimen. The load-time graph for Specimen DBLNBL1 is shown in Figure
5.47 and is representative of the trend observed for each specimen. The graph
indicates a considerable reduction in the load applied to the connector with each
cycle to constant displacement amplitude. This load reduction is due to
decreasing lateral stiffness of the connector as the concrete around the connector
crushes. The decrease in applied load continues until a somewhat constant load is
reached. Load reversa starts with the monotonic application of the displacement

range and continues throughout the 4000 displacement cycles. This suggests that
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the connector behaves inelastically and endures loading in the opposite direction
to achieve the required minimum displacement. Load reversal was not observed
for the WEDGB specimens, which suggests that the connectors behaved

elastically throughout the displacement cycles.

Static Load

Cyclic Load

Load (kips)

0:00:00 0:28:48 0:57:36 1:26:24 1:55:12 2:24:00
Time (h:m:s)

Figure5.47: Changein load sustained by connector over time (Specimen
DBLNB1)

5.4.1 Resultsfor Cast-in-Place Welded Stud (CIPST)

Specimen CIPST1 failed immediately after the application of the
monotonic displacement cycle, before any fatigue cycles could be applied.
Failure occurred at the steel-concrete interface by the shearing of the clearly
defective stud weld. Since, Specimen CIPST1 was the last cast-in-place

specimen, no replica tests were performed.
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5.4.2 Resultsfor Double-Nut Bolt (DBLNB)

Specimens DBLNB1 and DBLNB2 remained intact under low-cycle
fatigue up to 4000 displacement cycles, after which fatigue testing was stopped
and static loading was applied. Under that static load, both connectors failed in
shear at the steel-concrete interface, like Specimen DBLNB-ST. Specimen
DBLNB1 reached an ultimate strength of 32.5 kips, while Specimen DBLNB2
reached 34.6 kips. The load-dlip curves of these specimens under static loading is

shown in Figure 5.48.
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Figure5.48: Load-slip curvesfor static strength tests of Specimens DBLNB1
and DBLNB2

A grout compressive strength of 9405 psi was measured for Specimen

DBLNB1. No grout cylinders were tested for Specimen DBLNB2.
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5.4.3 Reaultsfor High Tension, Friction Grip Bolt (HTFGB)

The first low-cycle fatigue test on the High Tension, Friction Grip Bolt
was performed on Specimen HTFGB35. This specimen had previously been
subjected to 5.6 million fatigue cycles at 35 ksi before any low-cycle fatigue
cycles were applied. It was used as a pilot test to confirm the reliability of the
displacement control system, and to gain insight on the effect of overloads onthe
fatigue life of shear connectors which have previously been subjected to large
number of cyclic service loads. Since Specimen HTFGB35 was tested under |ow-
cycle fatigue, from this point on it will be referred to as Specimen HTFGB1. This
specimen endured 1250 cycles of low-cycle fatigue before failure occurred
through the connector above the steel-concrete interface.

Specimens HTFGB2 and HTFGB3 did not fail in low-cycle fatigue.
Specimen HTFGB was tested to 5000 cycles, and Specimen HTFGB2, to 4000
cycles. Both specimens were later subjected to static loading. The load-dlip
behavior of each specimen is shown in Figure 5.49. Ultimate static loads of 18
kips and 37.5 kips were obtained for Specimens HTFGB2 and HTFGB3
respectively.
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Figure5.49: Load-dlip curvesfor strength tests of Specimens HTFGB2 and
HTFGB3

Specimens HTFGB2 and HTFGB3 failed in two different modes. As
shown in Figure 5.50, Specimen HTFGB2 failed by shearing of the connector
above the steel-concrete interface, inside the seel plate; Specimen HTFGB3
failed by splitting of the concrete block. The test was stopped immediately after
the fallure of the concrete. Failure of these specimens was marked by loca
crushing of concrete around the connectors, and by significant bearing

deformation in the steel plates (Figure 5.51).
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Figure5.51: Bearing deformation of steel plate (Specimen HTFGB2)

5.4.4 Resultsfor Adhesive Anchor (HASAA)

Adhesive anchor Specimens HASAA1 and HASAA2 each endured 4000
displacement cycles without failure. Both specimens were then tested under static
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loading, giving the static load-dlip curves of Figure 5.52, and ultimate loads of
23.6 kips and 21.8 kips for Specimens HASAA1 and HASAA2 respectively.
Both specimens failled in connector shear at the steel-concrete interface,
accompanied by local crushing of concrete around the connectors. The failed
Specimen HASAAZ2, shown in Figure 5.53, is representative of the failure mode
of Specimen HASAAL.
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Figure5.52: Static load-dlip curves of Specimens HASAAL and HASAA2

A gap of approximately 1/8 in. was observed between the steel plate and
concrete block at the connector level and in front of the block, prior to testing
Specimen HASAAL. The steel plate for Specimen HASAA?2 twisted significantly
during the first few displacement cycles, due to a misalignment of the plate with
the loading ram. The clevis was manually prevented from rotating during testing,
which prevented the steel plate from twisting further and enabled the load to be

applied in a straight line.
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Figure5.53: Failed Specimen HASAA2

545 Resultsfor Concrete Screw (WEDGB)

No fatigue failure was observed for Specimens WEDGB1 and WEDGB2
under low-cycle fatigue. Fatigue testing continued until 4000 cycles, after which
each specimen was loaded statically to fallure. The resulting load-dlip curves
from these static tests are shown in Figure 5.54. The ultimate loads obtained for
Specimens WEDGB1 and WEDGB2 were 28.4 kips and 27.8 kips respectively.
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Figure5.54: Static load-dlip curvesfor Specimens WEDGB1 and WEDGB2

Both specimens failled by shearing of the connectors below the steel-
concrete interface, indicating combined tension and shear forces. The failed
Specimen WEDGB2, shown in Figure 5.55, is representative of the failure mode
of Specimen WEDGB.
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Figure5.55: Failed Specimen WEDGB2

Prior to testing, a consistent gap of approximately 1/8 in. between the steel
plate and concrete block was observed for Specimen WEDGB1. During the

testing of Specimen WEDGB2, the steel plate lifted dlightly at the back of the

specimen opposite the loading ram due to the significant bending of the
connector.
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CHAPTERG6

Discussion of Test Results

6.1 INTRODUCTION

In this chapter the static and fatigue test results presented in Chapter 5 are
discussed, and the constructability of each alternative retrofit shear connector is
evaluated. Finally, based on an evaluation of static and fatigue performance of
the connectors, as well as on an evaluation of cost and constructability,
recommendations are provided for retrofit shear connectors that should be

considered for further evaluation in full-scale beam tests.

6.2 DISCUSSIONOF STATIC TEST RESULTS

As discussed in Chapter 4, static tests were performed to obtain the load-
dlip behavior and ultimate load of post-installed shear connectors. Using the
results for the Cast-in-Place Welded Stud as a reference, the following sections
include a comparison of retrofit shear connectors based on their load-carrying
capacity at 0.2 n. dip and at ultimate displacement; their stiffness; their dip
capacity; and their failure mode. Further comparisons are made to results of
Schaap (2004) and Hungerford (2004). Findly, an analysis and discussion is
provided regarding the reliability of existing design equations for predicting the

ultimate load of shear connectors.

6.2.1 Load-Slip Behavior of Investigated Shear Connectors
In Figure 6.1 the load-slip curves of investigated shear connection

connectors are shown. This figure does not include the load-dlip curve for the
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Epoxy Plate, because the specimen failed in a brittle manner without experiencing

any significant dip.
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Figure6.1: Load-dlip curves of investigated shear connection methods

The different shapes of load-dlip curves can be observed in Figure 6.1 for
each specimen Factors that contribute to the different load-dlip behaviors include
differences in the amount d pretension in each connector, the ductility of the
connectors, and the stiffness, overal dip capacity, and ultimate shear strength of
the connection.

Specimens for DBLNB, HTFGB, HASAA, and WEDGB methods
showed an initia increase in load with little or no slip, due to the pretension in the
connectors. In this range of loading, friction between the steel plate and concrete

block is the primary load-transfer mechanism. Specimens with the welded shear
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stud (CIPST and POSST specimens) do not provide an initial pretension and
therefore experienced dlip at the onset of loading.

Once the friction forces due to pretension were overcome, the DBLNB,
HTFGB, and WEDGB specimens experienced dlip into bearing with the
surrounding steel and concrete with little increase in load. The HTFGB and
WEDGB experienced the largest early dip due to large gaps between the
connectors and the surrounding steel and concrete.

A decrease in the amount of dip prior to yielding is evident with
increasing connection stiffness.  Only the POSST specimens had an initial
stiffness higher than that of the CIPST specimen, and experienced the least
amount of dlip before yielding.

The WEDGB and HTFGB specimens experienced at least twice as much
overall dip as the other post-installed shear connectors. This may imply that
connectors confined by either grout (POSST and DBLNB) or adhesive (HASAA),
experience less overall dip than connectors that are less confined (WEDGB and
HTFGB). Thisis a reasonable observation, since a more confined connector will
not deform as much as a connector with less confinement. Also, a higher strength
grout, adhesive, or concrete may limit the amount of deformation a connector
experiences prior to failure. Thus, while providing high-strength concrete, grout
or adhesive around the anchor may increase the connector’s strength, it may also
decrease its ductility.

As shown in Figure 6.1, the ultimate strength of the various connectors is
sometimes developed at significantly different levels of dlip. In some cases,
strength values developed at very large dip levels may not be appropriate for
design, since very large beam deflections may be needed to develop the strength
of the composite beam. Consequently, to provide an alternative method to

compare shear connector performance, it is useful to compare shear resistance a a
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constant level of dip. Schaap (2004) and Hungerford (2004) provide a review of
past research on the question of what level of dip should be used to characterize
shear connector strength. They conclude there is no consensus on this question,
but also conclude that the shear connector resistance measured at a dip of
approximately 0.2 in. has been cited by a number of past researchers as a
reasonable basis for assessing shear connector strength. Consequently, Schaap
(2004) and Hungerford (2004) report the resistance of shear connectors at a slip
value of 0.2 in, as well as the ultimate shear resistance of the connector. For
consistency, a similar approach is used for the test results reported here.

Table 6.1 reports the ultimate strength of each shear connector, the load at
0.2 in. of dip, and the slip when the ultimate strength is achieved. All values are
shown as a percentage of the corresponding values obtained for Specimen CIPST-

ST. A plot of the values presented in this table is depicted as a bar chart in Figure
6.2.
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Table6.1: Load sustained at 0.2 in. of dip and at ultimate, and dlip at ultimate

load, as a percentage of the corresponding values for Specimen CIPST-ST

Ultimate Slip at Load at
Specimen L oad Ultimate 0.2in.

(%) (%) (%)

CIPST-ST 100 100 100
POSST-ST 72 4 0

POSST(F)-ST 98 39 139

DBLNB-ST 98 46 132

HTFGB-ST 132 83 144

HASAA-ST 78 48 107
WEDGB-ST A 101 71
3MEPX-ST 217 0 0
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Figure 6.2: Comparison of load at 0.2 in. of slip and ultimate, and dlip at

ultimate load as a percentage of corresponding values for Specimen CIPST-ST

All but three specimens (Specimens POSST-ST, WEDGB-ST, and 3MEPX-
ST) exhibited higher strength at 0.2 in. of dip than Specimen CIPST-ST. At
ultimate, however, only two specimens (Specimens HTFGB-ST and 3MEPX-ST)
had higher values than that of Specimen CIPST-ST. Specimens DBLNB-ST and
WEDGB-ST failed at loads very close to but not higher than that of Specimen
CIPST-ST. Due to the low initial stiffness of Specimen WEDGB-ST and the
significant amount of localized crushing of concrete, the load-slip curve of this
specimen was consistently below the load-dlip curve of Specimen CIPST-ST until
failure. Although Specimen HASAA-ST resisted a higher load than Specimen

CIPST-ST at adip level of 0.2 in, it sustained less load after 0.3 in. of dip up to
failure.
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6.2.2 Comparison of Test Results with those of Schaap (2004) and
Hungerford (2004)

The results of static tests conducted by Schaap (2004) and Hungerford
(2004) are presented here for comparison Comparison was possible because the
test setup and testing procedures used by those researchers were very similar to
those used in this study. The only differences between this study and those are
the presence of stiffeners on the sted test plates and a clamping 1od, possible
variation in material properties of connectors, and the strength of the concrete and
grout used in this study.

Throughout this section, the specimens tested by Schaap (2004) and
Hungerford (2004) are referred to using the abbreviation of the connection type
followed a number indicating the order in which the specimen was tested. For
example, the first and second Cast-in-Place Welded Stud specimens tested by
these researchers are referred to as CIPSTOL1 and CIPSTO2 respectively. For tests
conducted as part of this current study, the specimen designation is followed by
an“ST.”

In Table 6.2 the averaged results obtained by Schaap (2004) and
Hungerford (2004) are presented for each type of shear connection. Load and dlip
ratios are also provided, which are the quotient of the values obtained by Schaap
(2004) and Hungerford (2004) divided by values obtained in the current study. A
difference in ultimate load carrying capacities ranged between -28% and 8%. The
average ultimate load of the CIPST specimens tested by Schaap and Hungerford
is lower than that of Specimen CIPST-ST. The overall dip experienced by
specimens in the two studies showed significantly different values. HTFGB and
WEDGB specimens tested by Schaap (2004) and Hungerford (2004) experienced
higher loads on average at 0.2 in. of slip compared to those tested in the current
study.
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Table 6.2: Comparison of test results obtained by Schaap (2004) and

Hungerford (2004) with those of the current study

Ultimate L oad Slip at Ultimate L oad Load at 0.2in.
Previous Previous Previous
Type of Exp. L oad Exp. Load Exp. Sip
Connection L oad Ratio Slip Ratio L oad Ratio
(kips) (in) (Kips)
CIPST 21.3 0.72 0.53 0.77 17.4 0.85
POSST 22.8 1.08 0.32 - 22.2 -
DBLNB 30.0° 1.04 0.576* - 24.2 0.89
HTFGB 32.8 0.85 0.649* - 32.8 111
HASAA 22.5 0.98 0.21 0.64 221 1.00
WEDGB 24.8 0.90 0.51 0.73 17.8 123
3MEPX 554 0.87 - - - -

*LVDT's removed prior to failure of specimen.
Failure of the concrete block without failure of the connector.

A more detalled comparison of load-dip curves is provided in the
following pages for individual test specimens from both studies. Possible reasons
for differert test results are discussed, aside from differences associated with
variations in testing procedures, testing assembly, and equipment. A comparison

of SMEPX specimens is not given due the brittle failure mode of this connection.
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Figure6.3: Comparison of load-slip curvesfor CIPST specimens

Load-dlip curves for CIPST specimens are compared in Figure 6.3. At
both 0.2 in. of dip and at ultimate, Specimen CIPST-ST had a higher bad than
those tested by Schaap (2004) and Hungerford (2004). The higher strength of
Specimen CIPST-ST may be due to the presence of a stronger weld. Also, the
presence of a clamping rod and stiffeners may have reduced the amount of tension
applied to the connector by minimizing the lifting and bending of the steel plate.
A dlightly lower initial stiffness can be observed for Specimen CIPST-ST. It is
possible that the voids around the stud reduced the confinement around the stud,
thereby increasing the dip values at low levels of load. Specimen CIPST-ST
shows more ductility than Specimens CIPST02 and CIPST03. Specimens CIPST-
ST and CIPSTOL have similar shaped load-dlip curves that run parallel to each
other beyond the elastic limit of the connectors. Specimen CIPSTO1 shows more
ductility than Specimen CIPST-ST. Overdl, the load-dlip curve for Specimen
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CIPST-ST appears to be a conservative benchmark against which to compare

aternative retrofit connectors.
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Figure 6.4: Comparison of load-slip curvesfor POSST specimens

Load-dlip curves of different POSST specimens are compared in Figure
6.4, along with the load-dlip curve for the fillet-welded Specimen POSST-ST(F).
Due the brittleness of Specimen POSST-ST an evauation of this connector
cannot be made. All specimens except Specimen POSSTO03 had similar initial
stiffnesses.  Specimen POSST-ST(F) achieved a higher strength both at 0.2 in.
and at ultimate, perhaps due to the presence of a stronger fillet weld.
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Figure6.5: Comparison of load-slip curvesfor DBLNB specimens

An ASTM A193 B7 threaded rod was used for the DBLNB specimens in
this study, while the gpecimens tested by Schaap (2004) and Hungerford (2004)
used an A490 bolt. The load-slip curves of their specimens are shown in Figure
6.5, along with that of Specimen DBLNB-ST. Schaap (2004) reports that for each
specimen the concrete block split before the connectors falled. Testing was
reportedly stopped once the concrete failure was noticed. The use of a high
strength A490 bolt may have caused this type of failure. According to Schaap
(2004) the load-dip data for Specimen DBLNBO3 is not accurate beyond 0.35 in.
of dip due to twisting of the steel plate. Although an accurate comparison
between ultimate loads and ultimate dip values cannot be made, Specimen
DBLNB-ST may well have had a lower ultimate strength and smaller dip even if
connector failure had been obtained for al other specimens. The lower ultimate

strength would be due to the use of a lower strength A193 B7 bolt, and the
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smaller dip would be due to the higher compressive grout strength (possibly also
concrete strength) measured for Specimen DBLNB-ST. Schaap (2004) reports an
average grout strength of 3175 psi on the day of testing, only one-third of the
9788 psi obtained for Specimen CIPST-ST. The effect of a higher strength grout
(and possibly concrete) is also reflected in the initial connection stiffness, where
Specimen DBLNB-ST had higher connection stiffness prior to yielding.
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Figure 6.6: Comparison of load-slip curvesfor HTFGB specimens

Schaap (2004) and Hungerford (2004) observed failure of only one
HTFGB specimen, whose load-dlip curve is shown in Figure 6.6. Connector
pretension in Specimen HTFGB-ST was overcome at a lower load than for
Specimen HTFGBO03. Despite the early loss of frictional resistance, Specimen
HTFGB-ST experienced higher load at both 0.2 in. of dlip and at ultimate.

Relatively smaller overal dip can also be observed for this specimen than for
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Specimen HTFGBO03. Schaap (2004) reports that failure of the connector was
associated with transverse cracking in the concrete block. A similar failure mode
was observed for Specimen HTFGB-ST as well.
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Figure6.7: Comparison of load-slip curvesfor HASAA specimens

Load-dip curves for HASAA specimens are compared in Figure 6.7. The
specimens of Schaap (2004) and Hungerford (2004) experienced an increase in
load without slip up to approximately 10 kips, while Specimen HASAA-ST
showed initial significant dlip at approximately 5 kips. At 0.2 in. of dip all
specimens but Specimen HASAAOQ3 sustained approximately the same amount of
load. At ultimate, Specimen HASAA-ST failed a a dightly higher load
compared to other specimens except Specimen HASAAOQ3. Hungerford (2004)
reported that Specimen HASAAQO3 had excess adhesive surrounding the

connector at the steel-concrete interface, which may have caused the concrete and
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stedl plate to bond. The same situation was experienced with Specimen HASAA-
ST, however, did not result in the same type of load-slip behavior. Finally, none
of the connectors exhibited a plateau in the load-dlip curve as the connector came

into bearing, possibly due to the presence of excess adhesive inside the hole in the
steel plate.
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Figure 6.8: Comparison of load-dlip curvesfor WEDGB specimens

Load-dlip curves for WEDGB specimens are compared in Figure 6.8.
Specimens WEDGBO02 and WEDGBO03 experienced less dip into bearing than
Specimens WEDGB-ST and WEDGBO01, and also show higher connection
stiffness prior to yielding. Specimen WEDGB-ST sustained a higher load without
dip compared to other specimens. Although Specimen WEDGB-ST showed
lower stiffness, this specimen developed an ultimate load similar to that of
Specimen WEDGBO03, which had the highest initial stiffness. The connectors for
al WEDGB specimens failed below the steel-concrete interface at the root of a
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thread. Failure was typically accompanied by significant crushing and spalling of
concrete. For specimens tested by Schaap (2004) and Hungerford (2004),

cracking was aso observed in the concrete block.

6.2.3 Predicting the Ultimate Strength of Shear Connectors

Design equations for predicting the ultimate shear strength of cast-in-place
and post-installed connectors are available in design codes and specifications as
well as in the literature. As previously discussed in Chapter 2, AASHTO LRFD
specifications include a design equation for the ultimate load of welded studs
embedded in concrete. This equation, presented as Equation 2.11, is based on the
work by Ollgaard et a. (1971). This equation is aso used in the AISC
Specification for the design of composite beams in buildingsand is presented here

as Equation 6.1.
Q, =05A.f'. E. £ A, (6.1)

Where: Ag = cross sectional area of stud connector (irf);
fu = specified minimum tensile strength of stud connector (ksi);
fc¢= compressive strength of concrete (ksi)
E: = modulus of easticity of concrete (ksi)

This equation implies that the strength of a shear stud is governed either
by the strength of the concrete or by the strength of the connector steel, whichever
isless.

Design equations for the nominal shear strength of cast-in-place studs and
post-installed anchors are also provided in Appendix D of ACI 318-05. The
commentary to ACI 318-05 states that the shear strength of cast- in-place and post-
installed anchors far from the edge of concrete are usually governed by either the
pryout strength of concrete or the shear strength of the anchor. Since no pryout
failure was observed during static tests in this study failure should therefore be
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governed by the strength of the anchor steel. ACI 318-05 provides two separate
equations for the shear strength of cast-in-place studs and post-installed anchors.
The equation for cast-in-place studs is the same equation given in AISC for the
ultimate tensile strength of steel, and is repeated here as Equation 6.2. The
specified ultimate tensile strength is used instead of ultimate shear strength
because the area of the weld pool is greater than the nominal cross-sectional area
of the connector.

Vo= AT, (6.2

Where: Ag = effective cross sectional area of anchor (irf)

futa = Specified tensile strength of anchor steel (ksi)

An equation predicting the ultimate shear strength of post-installed
connectors exists only in ACI 318-05, and is based on the ultimate shear strength
of steel. Thisequation is shown here as Equation 6.3.

V., =06A,f,. (6.3)

For adhesive anchors, manufacturer specified strengths reference AISC for
the shear strength of steel and is the same as Equation 6.3.

An ultimate shear strength equation accounting for the compressive
strength of concrete and grout, and also for the strength of steel has been proposed
by Oehlers and Johnson (1987). This equation includes terms that also account
for the size, strength, and stiffness of the connector and is presented here as
Equation 6.4.

.04 ., .03
aEC O £f cu 0

Eg &1, 0

Q,=50Af, (6.4)

Where: E = modulus of elasticity of connector material (ksi)
f¢, = specified compressive cube strength of concrete (ksi).

E: = modulus of easticity of concrete (ksi)
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In the following pages experimentally measured ultimate loads are
compared to the capacities predicted by the above equations. The experimental
values used in these comparisons include those obtained in this study and those
obtained by Schaap (2004) and Hungerford (2004). Each experimental value is
compared to a predicted value calculated based on several differert assumptions,
described later.

Table 6.3 through Table 6.10, show comparisons for 8 different cases
belonging to 3 different categories:

1. Equations governed by the strength of the connector steel (Equations 6.1, 6.2,
and 6.3)
Case la: using specified values for f,
Case 1b: using measured values for f, (values reported in Chapter 4)
2. Equations governed by the strength of concrete (Equation 6.1)

Case 2a: for POSST and DBLNB specimens, using a weighted average

(f¢vg) Of the measured compressive strength of concrete (f¢) and grout (f¢)

depending on the area of crushed grout and concrete

Case 2b: for POSST and DBLNB specimens, using only the compressive

strength of grout (fdy)

3. Equations goverred by a combination of the strength of concrete and
connector steel (Equation 6.4)

Case 3a: using specified values for f, and fgq

Case 3b: using measured values for fyand f¢yg

Case 3c: using specified values for f, and f¢

Case 3d: using measured values for f, and fg

When f{, is used as a variable, “specified values’ are the minimum values
specified by the corresponding ASTM material specification, and “measured
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values’ are those reported in Chapter 4. The actual shear strength of connectors
was ot measured by Schaap (2004) and Hungerford (2004) and is not considered
here.

The variable g Was computed using a weighted average of measured
values for & and 1§ based on the crushed zone in front of the connector. For
example, for Specimen DBLNB-ST a crushing zone was observed with a 2-1/4-
in. diameter. This resulted in a calculated &g based 70.9% on f¢ and 29.1% on
f¢. This approach was also used by Schaap (2004). The values reported by
Schaap (2004) were used in this analysis. For the equation used in Category 3,
fGvg and ¢ were used to calculate the compressive cube strength of concrete (f¢,).
The cube strength of concrete is typically 15-20% higher than its cylinder
compressive strength. To obtain f¢, f¢g or fG; was multiplied by 1.20 to
conservatively estimate the compressive cube strength of concrete (or grout) in
this study. Variables and corresponding values used in each equation are
presented in Appendix F for each case.

Table 6.3 presents a comparison of experimental and predicted values for
the ultimate load of each specimen for Case 1a. Predicted values were calcul ated
using equations that are governed by the ultimate strength of the connector stedl.
These equations are the ultimate tensile strength of steel (As fy), which is used in
Equations 6.1 and 6.2, and the ultimate shear strength of steel (0.6 As fy), which is
used in Equation 6.3. Load ratios representing the quotient of the experimental
load divided by the predicted load aso are given for each specimen. Load ratios
less than 1.0 indicate that the predicted strength was higher than the
experimentally measured ultimate strength (in other words, the predicted strength
was unconservative). Load ratios for both equations are compared in Figure 6.9.
The ultimate tensile strength equation gives an unconservative estimate of the

ultimate load for all specimens except Specimen CIPST-ST. The ultimate shear
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strength equation more conservatively estimates the ultimate load. Most
specimens except WEDGB specimens and two HTFGB specimens (no connector
failure for HTFGBO1) reached higher ultimate loads than predicted by this
equation.

Table 6.4 presents the same comparison as in Table 6.3, but using
measured values for f,. The load ratios are plotted in a bar chart in Figure 6.10.
Using measured values for f, increases the predicted ultimate load and decreases
the load ratio. As a result, ultimate loads are significantly overestimated by the
tensile strength equation for each specimen. Some specimens whose ultimate
load was previously underestimated by the ultimate shear strength equation are
overestimated when measured values are used for fi.

Table 6.5 and Table 6.6 present a comparison of experimental and
predicted values for ultimate load predicted based on concrete strength using the
first part of Equation 6.1 (Case 2). The equation used in Table 6.5 uses f¢q for
calculating ultimate load, while that of Table 6.6 uses f¢. The corresponding bar
chart is shown for load ratios in Figure 6.11. The equation governed by the
compressive strength of concrete conservatively underestimates the ultimate shear
strength of amost all post-installed shear connectors except that of POSST
specimens and Specimen DBLNB-ST. Except for Specimen CIPST-ST, the
ultimate load of all welded connectors is overestimated.  For POSST and
DBLNB specimens, using either g or ¢ in calculations of ultimate load does
not cause a significant difference in the predicted strength.

Table 6.7 through Table 6.10 give a comparison of experimental and
predicted ultimate strength values for Cases 3a through 3d for the equation
proposed by Oehlers and Johnson (1987). In Figure 6.12 through Figure 6.15,
load ratios are compared in bar chart form. Predicted ultimate load values are

generaly unconservative even for the cast- in-place welded stud, the connector for

168



which this equation was derived. Using measured vaues for f, makes the
predicted values even more unconservative. No significant differences can be
observed in predicted strengths based on f¢,g and fg,

Based on the above conparisons it appears that none of the existing
equations conservatively predicts the experimentally observed ultimate load for
all shear connectors tested in this current research or those tested by Schaap
(2004) and Hungerford (2004). Variability in experimental data is also clearly
apparent. As an dternative to the existing shear connector strength design
equations discussed above, the following equation is proposed for estimating the
shear strength of connectors for design purposes:

Qu=0.5Af, (6.5)

This equation corresponds to one-half the ultimate tensile strength of the
connector steel. Based on specified values of f,, predicted ultimate load values
and corresponding load ratios for this formula are presented in Table 6.11. Load
ratios are compared in Figure 6.16, and it can be observed that the proposed
equation provides a conservative estimate of ultimate shear strength for cast-in-
place and post-installed shear connectors, except the Concrete Screw. Results
using measured values for f, are compared in Table 6.12 and Figure 6.17. In this
case, the equation till provides a conservative estimate for ultimate shear
strength, except for the Concrete Screw. For the POSST, DBLNB, HTFGB and
HASAA specimens, the predicted strength is 10 to 25 percent lower than the
experimentally measured ultimate strength. This suggests that the proposed

Equation 6.5 is not excessively conservative.
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Table 6.3: Comparison of experimental and predicted values for ultimate load

(Casela — Predicted strength governed by connector steel

using specified valuesfor f,)
Asfy 0.6 Asf,
Exp. | Predicted Predicted
Specimen L (_)zfd L c_)ad Iligta}?) L (_)ad ;gﬁg
(kips) | (kips) (kips)

CIPST-ST 294 26.5 111 15.9 185
CIPSTO1 24.3 26.5 0.92 15.9 153
CIPST02 21.7 26.5 0.82 15.9 1.36
CIPST03 17.8 26.5 0.67 15.9 112
POSST-ST 211 26.5 0.80 159 133
POSSTO1 22.8 26.5 0.86 15.9 143
POSST02 224 26.5 0.84 159 141
POSSTO03 233 26.5 0.88 15.9 1.46
DBLNB-ST 289 40.1 0.72 24.0 120
DBLNBO1* 311 40.1 0.78 24.0 129
DBLNBO2* 30.6 40.1 0.76 24.0 127
DBLNBO03* 28.4 53.2 0.53 31.9 0.89
HTFGB-ST 38.8 53.0 0.73 31.8 122
HTFGBO1* 30.7 53.0 0.58 318 0.96
HTFGBO2* 34.3 53.0 0.65 31.8 108
HTFGBO03 335 53.0 0.63 31.8 105
WEDGB-ST 275 55.8 0.49 335 0.82
WEDGBO01 23.0 55.8 041 335 0.69
WEDGBO02 238 55.8 043 335 071
WEDGBO03 276 55.8 0.49 335 0.82
HASAA-ST 229 24.2 0.95 145 158
HASAAOQL 227 24.2 0.94 145 156
HASAAQ2 21.8 24.2 0.90 145 1.50
HASAAQO3 231 24.2 0.95 14.5 159

* Failure of the concrete block without failure of the connector.
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Table 6.4: Comparison of experimental and predicted values for ultimate load
(Caselb — Predicted strength governed by connector steel

using measured values for f,)

Asfy 0.6 A f,
Exp. | Predicted Predicted
Specimen L oapd L oad Iligte}g L oad I;gﬁ((j)
(kips) | (kips) (kips)
CIPST-ST 294 359 0.82 215 137
POSST-ST 21.1 359 0.59 21.5 0.98
DBLNB-ST 28.9 51.0 0.57 30.6 0.94
HTFGB-ST 38.8 60.9 0.64 36.5 1.06
WEDGB-ST 27.5 64.5 043 38.7 0.71
HASAA-ST 22.9 41.3 0.55 24.8 0.92
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Table 6.5: Comparison of experimental and predicted values for ultimate load
(Case2a — Predicted strength governed by concrete — weighted average of
concrete and grout strength used for POSST and DBLNB specimens)

05 Assart(f&: Eo)
Specimen I_E())(zri)d Predict_ed L oad Loa}d
(kips) (Kips) Ratio
CIPST-ST 29.4 225 131
CIPSTO1 24.3 22.7 1.07
CIPST02 21.7 22.7 0.96
CIPSTO03 17.8 22.7 0.79
POSST-ST 21.1 389 054
POSST01 22.8 27.8 0.82
POSST02 22.4 30.6 0.73
POSSTO03 23.3 311 0.75
DBLNB-ST 28.9 339 0.85
DBLNBO1* 311 17.8 175
DBLNBO2* 30.6 17.8 171
DBLNBO3* 28.4 23.7 1.20
HTFGB-ST 38.8 24.9 1.56
HTFGBO1* 30.7 23.3 132
HTFGBO2* 34.3 233 1.47
HTFGBO3 335 233 144
WEDGB-ST 275 22.0 125
WEDGBO01 23.0 21.0 1.09
WEDGB02 23.8 210 1.13
WEDGBO03 27.6 210 131
HASAA-ST 229 18.6 123
HASAAOL 22.7 175 1.29
HASAAQO2 21.8 175 124
HASAAQO3 231 175 132

* Failure of the concrete block without failure of the connector.
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Table 6.6: Comparison of experimental and predicted values for ultimate load
(Case2b — Predicted strength governed by concrete — grout strength used for

POSST and DBLNB specimens)
05 Assgrt(f. Eo)

Specimen LE())(gd Predict_ed Load Loqd
(kips) (Kips) Ratio

POSST-ST 21.1 40.9 0.52
POSSTO01 22.8 28.8 0.79
POSST02 22.4 321 0.70
POSSTO03 23.3 32.6 0.71
DBLNB-ST 289 37.6 0.77
DBLNBO1* 311 17.3 1.80
DBLNBQO2* 30.6 17.3 177
DBLNBO03* 28.4 23.0 124

* Failure of the concrete block without failure of the connector.
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Table6.7: Comparison of experimental and predicted values for ultimate load
(Case3a — Predicted strength based on Eq. 6.4 using f¢,g and specified f,)

5 A f, (EJE)** (F' off)**
Exp. | Predicted
Specimen | L di L c_)ad Egﬁg
(kips)|  (Kips)

CIPST-ST 294 20.9 140
CIPSTO1 24.3 210 1.16
CIPST02 21.7 210 1.03
CIPST03 17.8 210 0.85

POSST-ST 21.1 313 0.67
POSSTO1 22.8 244 0.93
POSST02 22.4 26.2 0.85
POSSTO03 233 26.5 0.88

DBLNB-ST | 289 412 0.70

DBLNBO1* | 31.1 25.7 121

DBLNBO2* | 30.6 25.7 1.19

DBLNBO3* 284 34.1 0.83

HTFGB-ST | 38.8 35.3 1.10

HTFGBO1* 30.7 33.7 0.91

HTFGBO0Z* 34.3 33.7 102
HTFGBO03 335 33.7 0.99

WEDGB-ST | 27.5 35.2 0.78

WEDGBO01 | 23.0 34.1 0.68

WEDGBO02 | 23.8 34.1 0.70

WEDGBO03 | 27.6 34.1 0.81

HASAA-ST | 229 19.1 1.20

HASAAO1 22.7 18.3 124

HASAAQ2 21.8 18.3 1.19

HASAAO3 231 18.3 1.26

* Failure of the concrete block without failure of the connector.
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Table 6.8: Comparison of experimental and predicted values for ultimate load

(Case3b — Predicted strength based on Eqg. 6.4 using f¢,g and measured f)

5 A, fy (EJE)* (F' ouff)*
Exp. Predicted
Specimen | L ogd L oad Iligtailg
(kips) (kips)
CIPST-ST 294 255 1.15
POSST-ST | 21.1 38.1 0.55
DBLNB-ST | 28.9 48.2 0.60
HTFGB-ST | 38.8 38.7 1.00
WEDGB-ST | 27.5 38.7 0.71
HASAA-ST | 229 27.1 0.85

Table 6.9: Comparison of experimental and predicted values for ultimate load
(Case3c — Predicted strength based on Eq. 6.4 using f¢ and specified f)

5 A f, (EJES)** (F' off)*>
Exp. Predicted
Specimen ngd Load Egﬁ‘i
(Kips) (kips)

POSST-ST | 211 32.4 0.65
POSSTO1 | 22.8 25.0 0.91
POSST02 | 224 27.1 0.83
POSST03 | 23.3 27.4 0.85

DBLNB-ST | 289 44.3 0.65

DBLNBO1* | 311 25.1 1.24

DBLNBO2* | 30.6 25.2 1.22

DBLNBO03* | 284 334 0.85

* Failure of the concrete block without failure of the connector.
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Table 6.10: Comparison of experimental and predicted values for ultimate load
(Case3d — Predicted strength based on Eq. 6.4 using f¢ and measured f,)

5 A, fy (EJE)* (F' ouff)*

Specimen I_Et))(gd Predicted L oad Load

(kips) (Kips) Ratio

POSST-ST 211 395 0.53
DBLNB-ST | 28.9 51.8 0.56
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Table6.11: Comparison of experimental and predicted values for ultimate load

using Eq. 6.5 with specified valuesfor f,

05 A,
_ Exp. | Predicted L oad
Specimen L(_)ad L_oad Ratio

(kips) | (kips)

CIPST-ST 29.4 133 222
CIPSTO1 24.3 13.3 183
CIPST02 21.7 133 164
CIPSTO03 17.8 13.3 134
POSST-ST 211 133 159
POSSTO1 22.8 133 172
POSST02 224 13.3 1.69
POSSTO03 23.3 133 1.76
DBLNB-ST 28.9 20.0 144
DBLNBO1 311 20.0 155
DBLNBO2 30.6 20.0 153
DBLNBO03 28.4 26.6 1.07
HTFGB-ST 38.8 26.5 1.46
HTFGBO1 30.7 26.5 116
HTFGBO02 34.3 26.5 1.29
HTFGBO03 335 26.5 1.26
WEDGB-ST 275 27.9 0.99
WEDGBO01 23.0 279 0.82
WEDGB02 23.8 27.9 0.85
WEDGBO03 27.6 27.9 0.99
HASAA-ST 229 12.1 1.89
HASAAO01 22.7 12.1 1.87
HASAA02 21.8 12.1 1.80
HASAAO03 23.1 12.1 191
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Table 6.12: Comparison of experimental and predicted values for ultimate load

using Eqg. 6.5 with measured valuesfor f,

0.5 A f,
Exp. | Predicted
Specimen Lc_)rgd L oad IF‘ngi‘g
(kips) | (kips)
CIPST-ST 294 179 164
POSST-ST 211 179 118
DBLNB-ST 28.9 255 113
HTFGB-ST 38.8 30.5 1.27
WEDGB-ST 275 32.3 0.85
HASAA-ST 22.9 20.7 111
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6.24 Choice of Connectorsfor High-Cycle Fatigue Tests

Due to the time and cost of high-cycle fatigue tests, it was not possible to
conduct fatigue tests on all of the shear connector types that were tested statically
in this research program and in the previous work by Schaap (2004) and
Hungerford (2004). Consequently, at the completion of static testing, some shear
connector types were eiminated from further consideration in this research
program.

The 3MEPX method (epoxy plate) was eiminated from further
consideration Although this connection method exhibited the highest ultimate
shear strength, it also had problematic aspects, including its brittle nature
(essentially zero ductility), the potential difficulties and cost of construction, and
concerns regarding its long-term durability. Although this method still shows
promise and may merit additional research in the future, it was eliminated from
further consideration in the current research program

In static testing, Specimen POSST-ST (post-installed welded shear stud)
failed in a brittle manner due to a defective weld, raising questions regarding the
reliability of this method. Welding the stud in a hole made in the concrete dab
does not permit testing the stud weld using the conventional bend test used in new
construction. Despite these concerns, however, the POSST was included in the
program of high-cycle fatigue testing, with the intent of evaluating its feasibility
and reliability after its behavior under fatigue loading had been studied.

As aresult of dtatic tests, the POSST, DBLNB, HTFGB, HASAA, and
WEDGB methods were chosen for further testing under hgh-cycle fatigue. The
CIPST method was aso tested under high-cycle fatigue to provide a benchmark

against which to compare other methods.
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6.3 DISCUSSIONOF HIGH-CYCLE FATIGUE TESTS

This section contains a discussion of the high-cycle fatigue data presented
in Chapter 5. Results from 20 high cycle fatigue tests were used to plot SN
curves, in which the stress range applied to each connector is plotted as the
ordinate and the number of cycles to failure is plotted as the abscissa using a
logarithmic scale. Stress ranges were calculated based on the effective tensile
stress area of each connector at the steel-concrete interface.

The following ae comparisons made between results from this
investigation and from past fatigue tests, as well as the design S-N curve provided
by AASHTO. SN curves for retrofit shear connectors are compared with that of

the CIPST specimens and their relative performance is eval uated.

6.3.1 Comparison of SN Curves of Test Results, Past Research for the
Cast-in-Place Welded Stud

In Figure 6.18, al data for the CIPST specimens are plotted with data

from past fatigue tests conducted on pushout type specimens. Data from past

tests published in the literature were previously presented in Chapter 2. Data

from past tests were used to draw curves of the mean, and plus and minus one

standard deviation curve.
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Figure6.18: Comparison of S-N curve of past research with current data for
the cast-in-place welded stud

Data from the current fatigue tests for the cast-in place welded stud are
generally similar results to data from past research. It is clear from Figure 6.18
that SN data from past tests show considerable scatter. In genera, data from the
current tests fall within the overall scatter band of the data from past tests. Thus,
even though the current tests were not conducted on pushout type specimens, the
direct-shear single connector test setup used for the current tests gives fatigue
results comparable to push-out type specimens. The data shown in Figure 6.18 for
the cast-inplace welded stud will be used in this study as a benchmark for
comparison with the fatigue data for retrofit shear connectors.

Scatter in fatigue life is evident at every level of stress range in the past
data. This scatter may be the result of many factors, including variability in
material properties, variability in stud weld quality, and intrinsic variability in
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fatigue life. Data for the CIPST specimens of this study shows similar scatter.
The presence of scatter suggests that many tests are needed to adequately

characterize the fatigue behavior of shear connectors.

6.3.2 Comparison of High-Cycle Fatigue Data for CIPST Specimens

and for Specimenswith Retrofit Shear Connectors

All specimens with retrofit shear connectors had improved fatigue life
compared to the CIPST specimens. In Figure 6.19 through Figure 6.23, SN
curves for the retrofit shear connectors are compared to that for CIPST specimens.
In these figures, a mean curve is plotted through data points for CIPST specimens
along with lines indicating one standard deviation above and below the mean line.
A fatigue endurance limit is also suggested in the figure, based on the data point
of Specimen CIPST10, which did not fail after more than 10 million cycles of
loading. Lines representing one standard deviation above and below the

endurance limit are a'so shown.
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Figure 6.19: Comparison of fatigue data for POSST and CIPST specimens

In Figure 6.19 the fatigue performance of POSST specimens is compared
to that of CIPST specimens. It can be observed from this figure that FOSST
specimens had longer fatigue lives than the CIPST specimens at every stress
range. Although POSST specimens performed better than CIPST specimens, the
improvement was not significant. All data except that for Specimen POSST25
fell above the mean cure for the CIPST specimens, within one standard
deviation. Specimen POSST25 was beyond one standard deviation from the
mean. Specimen POSST15(F), which had afillet weld, had a significantly longer
fatigue life than Specimen CIPST15 and did not fall.
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Figure 6.20: Comparison of fatigue data for DBLNB and CIPST specimens

InFigure 6.20, fatigue data for DBLNB specimens are compared to that of

CIPST specimens. The superior &tigue performance of DBLNB specimens is

readily apparent in this figure. The data of all three DBLNB specimens fall

several standard deviations above the mean curve for the CIPST specimens.

Failure was achieved for DBLNB specimens only at a stress range of 60 ksi.
Specimens DBLNB40 and DBLNB33 did not fail and are shown as runout

specimens with arrows next to the corresponding data points.
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Figure 6.21: Comparison of fatigue data for HTFGB and CIPST specimens

Like the DBLNB specimens, the HTFGB specimens had better high-cycle
fatigue performance than the CIPST specimens. This is shown in Figure 6.21.
Faillure of HTFGB specimens was obtained only at a 45-ks stress range.
Specimen HTFGB35 did not fail, and is shown as a runout specimen with an
arrow adjacent to the corresponding data point. Data from the HTFGB specimens

lie severa standard deviations above the mean curve for CIPST specimens.
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Figure 6.22: Comparison of fatigue data for HASAA and CIPST specimens

Failure was obtained for al HASAA specimens in high-cycle fatigue at a
larger number of cycles than for the CIPST specimens. The resulting data for
both types of specimens are shown in Figure 6.22, along with a mean curve
shown for the HASAA specimens. This mean curve is paralel to and severa
standard deviations above the mean curve for CIPST specimens.

The data for WEDGB and CIPST specimens are shown in Figure 6.23. A
longer fatigue life of WEDGB specimens is apparent compared to CIPST
specimens. At a stress range of 25 ksi, Specimen CIPST?25 failed at 5815 cycles,
while Specimen WEDGB25 withstood 543133 cycles. The mean curve for the
WEDGB specimens is shown and falls more than one standard deviation above

the mean curve for CIPST specimens.
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Figure 6.23. Comparison of fatigue data for WEDGB and CIPST specimens

In Figure 6.24, data for all tested specimens are compared with data from
past pushout tests. This figure shows that DBLNB, HTFGB, HASAA, and
WEDGB specimens performed significantly better in high-cycle fatigue than
CIPST specimens and those from early pushout tests. While the POSST
specimens had dightly longer fatigue lives, the improvement was not significant.
It is important to note, however, that additional data are needed to better
understand the fatigue behavior of these connectors and to develop representative

S-N curves for usein design.
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Figure 6.24: Comparison of fatigue data for retrofit shear connectors, CIPST

specimens, and past research

6.3.3 Effect of Fatigue L oading on Subsequent Ultimate Strength

Severa specimens with retrofit shear connectors did not fail under fatigue
loading. To determine the effect of fatigue loading on the ultimate strength, these
runout specimens, after fatigue loading, were loaded statically to failure. In Table
6.13, ultimate strengths obtained from residual static tests (that is, static tests
conducted after fatigue loading) are compared, along with the corresponding load
ratios (residual ultimate load divided by ultimate load from initial static test). The
load ratios are all essentially unity, suggesting that the application of 5 million or
more high-cycle fatigue cycles did not reduce the ultimate strength of the
connectors. This is a significant observation, since similar tests on cast-in-place
welded studs have shown a reduction in ultimate strength after the application of
fatigue loading (i.e., Oehlers 1990, Mainstone and Menzies 1971).
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Table 6.13: Comparison of static strength to residual strength for connectors

previously subjected to fatigue loading

Residual Ultimate Ultimate L oad from L oad

oal

Specimen L oad Initial Static Test _
] ] Ratio

(kips) (kips)

POSST 15(F) 29.0 28.8 1.00
DBLNB40 29.0 289 1.00
DBLNB33 29.4 289 1.01

6.4 DISCUSSIONOF LOwW-CYCLE FATIGUE TESTS

As discussed in Chapter 2, loads applied to shear connectors beyond their
elastic limit are best evaluated from a standpoint of imposed displacement. This
approach takes the view that the demands placed on the shear connectors in a
composite beam can be viewed as a displacement (dlip) demand at the steel-
concrete interface rather than as a shear force demand. Consequently, the low
cycle fatigue tests were conducted by applying selected displacement cycles to the
connectors, rather than applying load cycles, as was done in the high-cycle fatigue
tests.

Fatigue fallure was not obtained for specimens tested under low-cycle
fatigue, except for Specimen HTFGB1, which had been previously subjected to 5
million loading cycles in the high-cycle fatigue tests. Also, Specimen CIPST1
could not be properly tested under low-cycle fatigue due to a defective weld. As
discussed in Chapter 5, with the application of each displacement cycle the load
sustained by each connector reduced until it reached a constant value. This is

evident in load-time plots presented in Appendix E.
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After 4000 displacement cycles were applied, the residual static strength
of each specimen was evaluated and the load-slip curves were captured. Vaues
for ultimate strength and dlip, and load at 0.2 in. of dip, are reported in Table
6.14. These values are compared to those obtained from initia static tests (vaues
reported in Chapter 5) and the load and dlip ratios are given (the residua static
test value divided by the initial static test value). Load and dip ratios are
compared in abar chart form in Figure 6.25.
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Table 6.14: Comparison of values obtained in residual static testsand initial

static tests
Residual Slip at Residual _
) . Load at 0.2in.
Ultimate L oad Ultimate L oad
Exp. Exp. Exp.
_ P L oad .p Slip P L oad
Specimen L oad ] Slip ] L oad ]
Ratio Ratio Ratio
(kips) (in) (kips)
DBLNB1 325 112 0.29 0.91 9.3 0.34
DBLNB2 34.6 1.20 0.30 0.94 111 041
HTFGB1 18.0 0.46 0.72 1.18 49 0.17
HTFGB2 375 0.97 0.97 159 47 0.16
HASAA1 23.6 1.03 0.30 0.91 6.9 0.31
HASAA2 218 0.95 0.29 0.88 4.6 0.21
WEDGB1 28.4 1.03 0.68 0.97 1.7 0.12
WEDGB2 27.8 101 0.64 0.91 25 0.17
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Figure 6.25: Ratios of values obtained in residual static tests divided by values
obtained in initial static tests

It can be seen in Figure 6.25 that the residual static capacities of the
DBLNB and WEDGB specimens exceeded the initial static capacities, while the
failure mode remained the same. The HASAA specimens failed at the stee-
concrete interface as in initial static tests. Specimen HASAA1 dlightly exceeded
and Specimen HASAA?2 fell short of the initial static load at ultimate. This likely
reflects the inherent variability in ultimate strength for a given failure mode.

Two different failure modes were observed for HTFGB specimens. For
Specimen HTFGB2, the connector failed inside the steel plate, whereas for
Specimen HTFGB3, the concrete block split before the connector could fail.
Specimen HTFGB-ST, on the other hand, failed by shearing of the connector
below the steel-concrete interface. The differences in fallure modes were
reflected in the residual ultimate loads. Specimen HTFGB2 experienced the
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highest reduction in ultimate load and Specimen HTFGB3 experienced only a
dight reduction. Theresidual ultimate load of Specimen HTFGB3 also includes
the load necessary to split the concrete block, and therefore is higher than
expected.

The corresponding ultimate dlip experienced by each specimen amost
matched the values observed in initial dtatic tests. Only Specimen HTFGB3
showed a significant increase in ultimate dip, which can be attributed to the
splitting of concrete. Any decrease in slip may be due to the higher strength of
the concrete at the time low-cycle fatigue specimens were tested.

Atadip of 0.2 in., a significant decrease in sustained load is apparent for
al specimens. The dip of 0.2 in. coincides with the maximum displacement
applied to each specimen during fatigue cycles.

Initial static and residual load-dlip curves are compared for each specimen
in Figure 6.26 through Figure 6.29. The residual load-dlip curves show that each
connector had a zero load-carrying capacity at a dip of 0.15 in., corresponding to
the mean value of the displacement range applied to each connector

In general, the dope of the loading branch (stiffness) of the load-dip
curves is similar for the residual test and the initial static test specimens. This
suggests that no significant degradation occurred in the shear connectors during
fatigue cycles.

It appears that a high number of displacement cycles had no significant
effect on the ultimate strength of a shear connector. Increasing damage of the
concrete in front of the connector with each displacement cycle may have reduced
the confinement around the connector, and, as the connector deformed
inelastically, resulted in less load applied to the connector with each displacement
cycle. As aresult, the possibility of degradation in the connector material and a

low-cycle fatigue failure could have been reduced.
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6.5 DiIsCcussSilON ON THE CONSTRUCTABILITY OF RETROFIT SHEAR
CONNECTORS

Thus far, the structural effectiveness of retrofit shear connectors has been
evaluated and results from static and fatigue tests have been discussed. The
objective of this thesis, however, was not just to evaluate the structurd
performance of retrofit shear connectors, but also to evaluate the connectors from
the perspective of constructability and cost. These issues are discussed in this
section. This discussion is based primarily on experience gained with the
connectors in constructing the test specimens, combined with consideration of
how these experiences may be related to connector installation in an actual bridge.

The POSST method is the only retrofit method using a welded shear stud,
and also the only method that can be installed completely from the top of a bridge.
Static and fatigue tests, however, showed that the behavior of this connection
depends heavily on the quality of the stud weld. This prompts the need for
ingpections of the weld quality in a field application. For welded studs in new
construction stud welds are typically inspected by a non-destructive “bend test”
in which a number of shear studs are bent a certain amount. Those shear studs
that break during this procedure are replaced. This technique is not easy to use
for the POSST method, since no room is available to bend the stud inside a 3.5-in.
diameter hole. Consegquently, some other stud weld inspection technique would
be needed, and it is unclear if another practical method is available. Another issue
related to the POSST method is that too much time may be required to core a
large-diameter hole through the bridge deck. Also, different weathering
characteristics of the grout and the concrete may result in cracks that might permit
water seepage down to the steel girder.

Like the Post-Installed Welded Stud (and Stud Welded to Plate) method,
the Double-Nut Bolt requires coring holes through the concrete dab. Unlike the
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Post-Installed Welded Stud, however, installation of this connector requires
access to under the bridge as well as on The smaller diameter hole (2-in.) used
with the Double-Nut Bolt may require less time and effort to drill than the 3.5-in.
core used with the Post-1nstalled Welded Stud.

The High Tension, Friction Grip Bolt was found to be the hardest of all
tested connectors to install, even in a laboratory setting. Drilling concentric
countersunk holes was a challenge, and could be even more difficult on a real
bridge, especialy for holes farther away from the edge of the dab. This method
also requires severa installation steps. First, a hole must be cored through the
concrete from both the top; next, a hole also must be match-drilled from under the
bridge; and finally, the cored hole must be grouted.

The Adhesive Anchor was found to be one of the easiest connectors to
install in a laboratory setting. This connector can be installed in a bridge with
minimal damage to the concrete slab from under the bridge. The only drawback
of the installation process is the time needed for the adhesive to cure. For a 68°F
temperature a 50 min. curing time is required for the adhesive used in the tests.
During this time the adhesive should not be disturbed, which may require traffic
to be stopped on a bridge.

The Concrete Screw was the easiest connector to install. This one-piece
screw requires drilling only from the bottom of the bridge. The concrete screw
can be easily installed while the bridge is in service; it can resist load immediately
after installation; and it can be re-installed in case of placement error.

The Epoxy Plate method has several installation disadvantages. First, a
long curing time of 7 daysis required for the epoxy used in the tests. During this
time, it may be necessary to restrict traffic on the bridge. Second, the epoxy is
brittle, which means no dlip can be observed between the steel girder and concrete

deck prior to failure. This would require high safety factors to be used in design.

206



Finally, the effects of weathering and extreme temperature on epoxy durability are
also unknown for this type of application.

Schaap (2004) compares the expected materia costs of different types of
retrofit shear connectors, and identifies the Post-Installed Welded Shear Stud as
having the lowest material cost, and the Epoxy Plate, the highest. The remaining
shear connection methods can be listed in ascending material cost as: the Concrete
Screw, the Stud Welded to Plate, the Adhesive Anchor, and the Double-Nut Bolt.
This comparison does not include equipment and labor costs. In an actual bridge
retrofit project, the labor, equipment, and traffic control costs may significantly

outweigh the material costs.

6.6 FURTHER DISCUSSION ON THE SELECTION OF RETROFIT SHEAR

CONNECTORSFOR FULL-SCALE BEAM TESTS

The next stage of the overall research program, as described in Chapter 1,
is to conduct full-scale tests on composite beams constructed with retrofit shear
connectors. Because only a small number of large-scale tests can be conducted,
only a limited number of retrofit shear connectors can be evaluated in those tests.
This section includes recommendations on which retrofit shear connectors should
be considered for further consideration in the full-scale beam tests. These
recommendations are based on evauations of the structural performance and
constructability of retrofit shear connectors performed as part of this current
study, as well as by Schaap (2004) and Hungerford (2004).

6.6.1 Post-Installed Welded Stud

As aresult of tests conducted and evaluations made on the Post-Installed
Shear Stud method, it was found that the structural behavior of this connection is
governed by the quality of the weld. In this study, the typical static capacity of

this connection was not captured due to a brittle failure of a specimen from a
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defective weld. Although POSST specimens performed better than CIPST
specimen under high-cycle fatigue, the improvement was not significant. The
construction of this connection is also difficult due to the many large diameter
holes that are required to be cored through abridge slab. As aresult, the POSST
method is not recommended for full-scale testing unless weld quality can be
easily inspected.

6.6.2 Double-Nut Bolt

The Double-Nut Bolt a strong candidate for full-scale beam tests, because
it has higher strength at early dip than the cast-in-place welded stud, comparable
ultimate strength, and superior high-cycle and low-cycle fatigue life. The Double-
Nut Bolt has the longest high-cycle fatigue life of al connectors investigated in
this study. Constructability issues discussed for the Post-Installed Welded Stud
also apply to the Double-Nut bolt. For the Double-Nut Bolt, however, a smaller
diameter hole through the dab and less grout is required, which makes this

method more constructible.

6.6.3 High-Tenson, Friction Grip Bolt

The High Tension, Friction Grip bolt displayed adequate strength and
ductility under static loading compared to the cast-in-place welded stud, and aso
displayed good high-cycle fatigue behavior. This connector is not recommended
for use in the full-scale beam tests, however, due to the many steps and difficulty

associated with its installation.

6.6.4 Adhesive Anchor

Static tests on the Adhesive Anchor showed dlightly higher strength at
early dip, lower ultimate strength and less ultimate dip than the cast-in-place
welded stud. Specimens tested under high and low-cycle tests showed better
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fatigue performance, as well. In high-cycle fatigue the Adhesive Anchor had the
third-longest fatigue life of all retrofit shear connectors. This anchor is easy to
install from under the bridge and its installation is minimally destructive to the
concrete dab. Except for the time needed for the adhesive to cure, fast
installation with minimum traffic disruption is possible. Due to its satisfactory
structural performance, easy construction and reasonable cost, the Adhesive

Anchor is recommended for full-scale beam tests.

6.6.5 Concrete Screw

The Concrete Screw had a load-dip behavior that was fundamentally
differert from other connectors tested. The concrete screw required a substantial
amount of dip before coming into bearing with the stedl plate. It is unclear how
this load-dlip behavior may affect the overall performance of a composite beam
constructed with this connector. Specimens tested under high and low-cycle
fatigue showed longer fatigue lives compared to the cast-in-place welded stud.
Further, this connector was the simplest to install and can be installed in a bridge
without closing the bridge to traffic. Due to the uncertainties over the structural
consequences of the unusual load-dip behavior of this connector, however, it is
not recommended for further testing at his time. Nonetheless, because of its
many important advantages noted above, this connector may merit future

consideration.

6.6.6 Epoxy Plate

Although the Epoxy Plate showed very high ultimate strength compared to
all connectors investigated, it was not tested further in fatigue and is not
recommended for further consideration in the large-scale beam tests. This

recommendation is based on this connection’s brittle behavior, uncertain
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durability and potentially high cost. Like the concrete screw, however, the use of

epoxy adhesives to develop composite action may merit future consideration
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CHAPTER 7

Summary, Conclusions, and Recommendations

7.1 SUMMARY

This thesis documents the continuation of a study intended to identify
possible retrofitting methods to create composite action in non-composite bridge
decks. Previous work of Schaap (2004) and Hungerford (2004) identified
possible post-installed shear connection methods and their behavior under static
loading. Connection methods that showed adequate shear strength and ductility
were evaluated, as described in this thesis, on their performance under cyclic
loads. The goal of these evaluations was to identify at least one structurally
sound, constructible, practical, and cost-effective post- installed shear connector to
be tested in large-scale beam tests.

Using a direct-shear test setup, the structural effectiveness of candidate
post-installed shear connectors was evaluated through cyclic tests. Tests in high
cycle and low-cycle fatigue indicated the comparative behavior of these shear
connectors subjected to repeated service loads and overloads, respectively.
Additiona static tests were conducted to examine the load-dlip behavior of shear
connectors under monotonically increasing shear loads. The performance of
shear connectors under fatigue and static loading was compared to that of the
cast-in-place welded shear stud, which is the reference connector for this
application. Those that performed adequately under fatigue and static loading
were selected to be used in full-scale beam tests. The installation processes of
each shear connection method were also evaluated and their feasibility in a field

application was determined.
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The following types of shear connectors were investigated in this study:
1) Cast-in-Place Welded Shear Stud (benchmark)
2) Post-Installed Welded Shear Stud
3) Stud Welded to Plate
4) Double-Nut Bolt
5) High-Tension, Friction Grip Bolt
6) Adhesive Anchor
7) Concrete Screw
8) Epoxy Plate

The following sections address the principa conclusions from 8 static
tests, 20 high-cycle fatigue tests, and 10 low-cycle fatigue tests and also make

recommendations for those connections to be used in final full-scale testing.

7.2 CONCLUSIONS REGARDING CANDIDATE SHEAR CONNECTORS TESTED AS

RETROFIT OPTIONS

1) Structurally sound, constructible, and cost-effective post-installed shear

connectors exist for retrofitting non-composite bridge decks.

2) A direct-shear test setup can be used to assess the behavior of shear

connectors under static and cyclic loading.

7.2.1 Conclusonsfrom Static Tests

3a)  Specimens with nonwelded shear connectors, except the High-Tension
Friction Grip Bolt and the Epoxy Plate, had lower ultimate shear loads
than the cast-in-place welded stud, because a welded stud has a larger

effective tensile stress area at the critical shear plane.
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3b)

3¢)

3d)

3e)

3f)

7.2.2
4a)

4b)

4c)

Load-dlip curves obtained for each shear connection method were
comparable to those obtained by Schaap (2004) and Hungerford (2004).

Specimens using the Concrete Screw showed the lowest connection

stiffness and largest dlip at ultimate load.

The Epoxy Plate method, while sufficiently strong, was not studied further

because of its brittleness.

Current design equations do not conservatively predict the ultimate load of
cast-in-place or post-installed shear connectors.

A design equation is proposed that gives a shear capacity equivalent to
one-half of the specified ultimate tensile strength of a shear connector.

Conclusions from High-Cycle Fatigue Tests
Results for Cast-in-Place Welded Stud specimens showed good agreement
with data from past research. This confirmed the reliability of the direct-

shear testing assembly, specimen design, and testing procedures.

Based on the SN curves reported in Chapter 5, all alternative shear
connection methods exhibited longer fatigue lives under high-cycle fatigue
than the Cast-in-Place Welded Stud.

In descending order of high-cycle fatigue performance (best first) were the
Double-Nut Bolt, the High-Tension Friction Grip Bolt, the Adhesive
Anchor, the Concrete Screw, and the Post-Installed Welded Stud.
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4c)

4d)

4e)

4f)

723
5a)

5b)

5¢)

Connection methods with welded connectors had shorter fatigue lives than

those with non-welded connectors, due to occlusions common in stud
welds.

The Double-Nut Bolt, which includes a rod with rolled threads, had a
longer fatigue life than the Adhesive Anchor which consists of a rod with
cut threads.

The application of high-cycle fatigue did not influence the ultimate
capacity of the Double-Nut Bolt under subsequent static testing.

Additional high-cycle fatigue testing would be useful to create more
accurate S-N (stress range versus cycles to failure) curves for cast-in-place
and post-installed shear connectors.

Conclusions from Low-Cycle Fatigue Tests

No fatigue failure was obtained for retrofit shear connectors tested under

low-cycle fatigue.
The low-cycle fatigue performance of the Cast-in-Place Welded Stud
could not be assessed due to a defective stud weld. This emphasizes the

importance of weld inspection.

Low-cycle fatigue did not significantly influence the ultimate strength of

shear connectors under subsequent static loading.
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124

6a)

6b)

6C)

6d)

7.3
1

Conclusions regarding the Constructability of Candidate Post-
Installed Shear Connectors

The Adhesive Anchor and the Concrete Screw are alternative retrofit shear
connectors that can be easily installed in a bridge with little damage to the

bridge deck and with minimal traffic disruption.

The High-Tension, Friction Grip bolt has several installation steps that are

potentially cumbersome to perform on a bridge.

The structural behavior of connection methods that use welded shear
connectors (Cast-in-Place Welded Stud, Post-Installed Welded Stud, and
Stud Welded to Plate) is highly dependent on weld quality. These
connectors may not be feasible in a retrofit application due to difficulties
in weld inspection.

Shear connection methods that require grouting (the Post-1nstalled Welded
Stud and the Double-Nut Bolt) may introduce problems related to water
seepage due to the different weathering rates of the grout material and the
concrete slab.

RECOMMENDATIONSFOR FURTHER TESTING

Full-scale beam tests should be conducted to evauate the validity of

extending these results to real bridge girders.
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2)

3)

4)

The Double-Nut Bolt and the Adhesive Anchor are structurally efficient and
constructible post-installed shear connectors and should be further tested in
full-scale beam tests.

The constructability of recommended shear connectors should be evaluated
further during the construction of the full- scale beams.

Selected retrofit shear connectors should be implemented in an existing

bridge to finalize evauations on their structural effectiveness,

constructability, practicality, and cost.
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APPENDIX A

Test Parameters

Table A.1: Concrete strength of specimens on the day of testing

Concrete

Specimen Strength
(psi)
CIPST-ST 3170
POSST-ST 3480
POSST-ST(F) 3620
DBLNB-ST 3520
HTFGB-ST 3620
HASAA-ST 3580
WEDGB-ST 3700
3MEPX-ST 3680
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Table A.2: Parametersfor high-cycle fatigue tests

Stress | Load | Min. Max. Loading | Concrete

Specimen | Range | Range| Load L oad Frequency | Strength
(ksi) | (kips) | (kips) | (kips) (H2) (psi)
CIPST25 25 110 0.9 11.9 25 3250
CIPST20 20 8.8 2.0 10.8 2-35 3220
CIPST15 15 6.6 31 9.7 335 3380
CIPST10 10 4.4 4.2 8.6 35 3240
CIPST10a 10 4.4 4.2 8.6 5 3250
POSST25 25 110 0.9 11.9 2-3 3490
POSST20 20 8.8 2.0 10.8 3 3490
POSST20a 20 8.8 2.0 10.8 3 3490
POSST15(F) 15 6.6 3.1 9.7 3.55 3620
DBLNBG60 60 20.0 0.9 20.9 3 3520
DBLNB40 40 134 0.9 14.3 3 3590
DBLNB33 33 11.0 0.9 11.9 25 3680
HTFGB45 45 19.9 0.9 20.8 25 3680
HTFGB35 35 155 0.9 164 335 3680
WEDGB40 40 15.4 0.9 16.3 3 3700
WEDGB30 30 115 0.9 124 3 3700
WEDGB 25 9.6 16 11.2 3 3700
HASAA40 40 134 0.9 14.3 3 3590
HASAA35 35 11.2 0.9 121 335 3680
HASAA30 30 10.0 0.9 10.9 3 3700
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Table A.3: Parametersfor low-cycle fatigue tests

Loading Concrete

Specimen Freguency Strength
(H2) (psi)
CIPST1 - 3700
DBLNB1 0.5 3700
DBLNB2 0.5 3700
HTFGB1 0.5 3700
HTFGB2 0.5 3700
HTFGB3 0.5 3700
HASAA1 1 3700
HASAA2 1 3700
WEDGB1 1 3700
WEDGB?2 1 3700
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APPENDIX B
Photos of Failed Specimens in High-Cycle Fatigue

Tests

FigureB.1: Failed Specimen CIPST25: a) concrete block, b) steel plate
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Figure B.2: Failed Specimen CIPST20: a) concrete block, b) steel plate
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b)
Figure B.3: Failed Specimen CIPST10: a) concrete block, b) steel plate
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b) |
Figure B.4: Failed Specimen POSST20a: a) concrete block, b) steel plate
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b)
Figure B.5: Failed Specimen DBLNB33: a) concrete block, b) steel plate
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b)
Figure B.6: Failed Specimen HASAA35: a) concrete block, b) steel plate
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FigureB.7: Failed Specimen WEDGB30
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APPENDIX C
Load versus Slip Graphs for High-Cycle Fatigue
Tests

14

ol |
/1
/

6:[ Number of Cycles

Static

4

s 1 2000

2 / 5000
| |

0 0.01 0.02 003 004 005 0.06 007 0.08
Slip (in.)

Load (kips)

Figure C.1: Static and cyclic load-dlip curves for Specimen CIPST25
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Figure C.13: Static and cyclic load-dlip curvesfor Specimen HTFGB35
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Figure C.14: Static and cyclic load-dlip curves for Specimen HASAA40
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Figure C.15: Static and cyclic load-slip curvesfor Specimen HASAA35
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Figure C.16: Static and cyclic load-dlip curvesfor Specimen HASAA30
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APPENDIX D

Photos of Failed Specimens in Low-Cycle Fatigue

Tests

FigureD.1: Failed Specimen CIPST1: a) concrete block, b) steel plate
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b)
Figure D.2: Failed Specimen DBLNB1: a) concrete block, b) steel plate
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b)
Figure D.3: Failed Specimen DBLNB2: a) concrete block, b) steel plate
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FigureD.4: Failed Specimen HTFGB1
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Figure D.5: Failed Specimen HTFGB2
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FigureD.6: Failed Specimen HTFGB3
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FigureD.7: Concrete failure of Specimen HTFGB3
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b)
Figure D.8: Failed Specimen WEDGB1: a) concrete block, b) steel plate
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APPENDIX E
Load versus Time Graphs for Low-Cycle Fatigue

Tests
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Figure E.1: Changein load sustained by connector over time (Specimen
DBLNBI)
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Figure E.2: Changein load sustained by connector over time (Specimen
DBLNB2)
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Figure E.3: Changein load sustained by connector over time (Specimen

HTEGB1)
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Figure E.4: Changein load sustained by connector over time (Specimen
HTFGB2) (up to 600 cycles)
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Figure E.5: Changein load sustained by connector over time (Specimen
HTFGB3)
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Figure E.6: Changein load sustained by connector over time (Specimen
HASAA1)

30

Static Loading

20 I R Cyclic Loading

25

15

10

Load (kips)

5

0

-5
0:00:00 0:14:24 0:28:48 0:43:12 0:57:36 1:12:00 1:26:24
Time (h:m:s)

Figure E.7: Changein load sustained by connector over time (Specimen
HASAA2)
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Figure E.8: Changein load sustained by connector over time (Specimen
WEDGB1)
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Figure E.9: Changein load sustained by connector over time (Specimen
WEDGB?2)
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APPENDIX F

Parameters used for Calculations in Section 6.2.3

Table F.1: Parametersused for equationsin Table6.3 and 6.11

Specimen (i'?‘]i) (kf;i)
CIPST-ST 0.442 60
CIPSTO1 0.442 60
CIPST02 0.442 60
CIPSTO03 0.442 60
POSST-ST 0.442 60
POSSTO1 0.442 60
POSST02 0.442 60
POSSTO03 0.442 60
DBLNB-ST 0334 120

DBLNBO1 0.334 120
DBLNBO2 0.334 120
DBLNBO3 0.443 120
HTFGB-ST 0.442 120
HTFGBO1 0.442 120
HTFGBO02 0.442 120
HTFGBO03 0.442 120
WEDGB-ST 0.385 145
WEDGBO01 0.385 145
WEDGBO02 0.385 145
WEDGBO03 0.385 145
HASAA-ST 0.334 72.5
HASAAOL 0.334 725
HASAAQ2 0.334 72.5
HASAAQ3 0.334 72.5
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Table F.2: Parameters used for equationsin Table6.4 and 6.12

: A fu
Specimen (in%) (ksi)

CIPST-ST 0.442 81.2
POSST-ST 0.442 81.2
DBLNB-ST 0.334 152.8
HTFGB-ST 0.442 137.8
WEDGB-ST 0.385 167.7
HASAA-ST 0.334 123.7
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Table F.3: Parametersused for equationsin Table6.5

. A f f f ES

ecimen 3 ¢ 9 avg c
P i) | (ps) | (ps) | (ps) | (ksi)
CIPST-ST | 0442 | 3170 - 3170 | 3271
CIPSTO1 0442 | 3200 - 3200 | 3286
CIPST02 0442 | 3200 - 3200 | 3286
CIPSTO3 0442 | 3200 - 3200 | 3286

POSST-ST | 0442 | 3480 | 7281 | 6582 | 4713
POSSTO1 | 0442 | 3200 | 4500 | 4200 | 3765
POSST02 | 0442 | 3200 | 5250 | 4770 | 4012
POSSTO03 | 0442 | 3250 | 5370 | 4870 | 4054

DBLNB-ST | 0.334 | 3520 | 9788 | 7965 | 5185

DBLNBO1 | 0.334 | 3440 | 3170 | 3370 | 3372

DBLNBO2 | 0.334 | 3440 | 3180 | 3380 | 3377

DBLNBO3 | 0443 | 3440 | 3180 | 3380 | 3377

HTFGB-ST | 0442 | 3620 - 3620 | 3495
HTFGBO1 | 0442 | 3320 - 3320 | 3347
HTFGB02 | 0442 | 3320 - 3320 | 3347
HTFGBO3 | 0442 | 3320 - 3320 | 3347

WEDGB-ST | 0.385 | 3700 - 3700 | 3534

WEDGBO01 | 0.385 | 3480 - 3480 | 3427

WEDGBO02 | 0.385 | 3480 - 3480 | 3427

WEDGBO03 | 0.385 | 3480 - 3480 | 3427

HASAA-ST | 0.334 | 3580 - 3580 | 3476
HASAAO1 | 0334 | 3302 - 3302 | 3338
HASAAQ2 | 0334 | 3302 - 3302 | 3338
HASAAQO3 | 0.334 | 3302 - 3302 | 3338

B = W sgrt (' ag), W= unit weight of concrete
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Table F.4: Parametersused for equationsin Table 6.6

A

S| f fo | fag | Eo
(in%)

c g c
(psi) | (psi) | (psi) | (ksi)
POSST-ST | 0442 | 3480 | 7281 | 6582 | 4957
POSSTO1 | 0.442 | 3200 | 4500 | 4200 | 3897
POSST02 | 0442 | 3200 | 5250 | 4770 | 4209
POSST03 | 0442 | 3250 | 5370 | 4870 | 4257
DBLNB-ST | 0.334 | 3520 | 9788 | 7965 | 5748
DBLNBO1 | 0.334 | 3440 | 3170 | 3370 | 3271
DBLNBO2 | 0.334| 3440 | 3180 | 3380 | 3276
DBLNBO3 | 0.443 | 3440 | 3180 | 3380 | 3276
B = w " sgrt (' ag), W= unit weight of concrete

Specimen
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Table F.5: Parameters used for equationsin Table6.7

: As f, {0 ¢, fewy | e E. E,

SPecimen | indy | (ksi) | (psi) | (psi) | (psi) | (ps) | (ksi) | (ks)
CIPST-ST 0.442 60 3170 - 3170 | 3804 | 3209 29000
CIPSTO1 0.442 60 3200 - 3200 | 3840 | 3220 | 29000
CIPST02 0.442 60 3200 - 3200 | 3840 | 3220 | 29000
CIPSTO03 0.442 60 3200 - 3200 | 3840 | 3220 | 29000
POSST-ST 0.442 60 3480 | 7281 | 6582 | 7898 | 4624 | 29000
POSST01 0.442 60 3200 | 4500 | 4200 | 5040 | 3690 | 29000
POSST02 0.442 60 3200 | 5250 | 4770 | 5724 | 3940 | 29000
POSSTO03 0.442 60 3250 | 5370 | 4870 | 5844 | 3080 | 29000
DBLNB-ST 0334 120 3520 | 9788 | 7965 | 9558 | 5087 29000
DBLNBO1 0334 120 3440 | 3170 | 3370 | 4044 | 3309 29000
DBLNBO2 0334 120 3440 | 3180 | 3380 | 4056 | 3314 | 29000
DBLNBO3 0.443 120 3440 | 3180 | 3380 | 4056 | 3314 | 29000
HTFGB-ST 0.442 120 3620 - 3620 | 4344 | 3429 | 29000
HTFGBO1 0.442 120 3320 - 3320 | 3984 | 3284 | 29000
HTFGBO02 0.442 120 3320 - 3320 | 3984 | 3284 | 29000
HTFGBO3 0.442 120 3320 - 3320 | 3984 | 3284 | 29000
WEDGB-ST | 0.385 145 3700 - 3700 | 4440 | 3467 29000
WEDGBO01 0.385 145 3480 - 3480 | 4176 | 3363 29000
WEDGBO02 0.385 145 3480 - 3480 | 4176 | 3363 29000
WEDGBO03 0.385 145 3480 - 3480 | 4176 | 3363 | 29000
HASAA-ST 0334 | 725 | 3580 - 3580 | 4296 | 3410 | 29000
HASAAOQO1L 0334 | 725 | 3302 - 3302 | 3962 | 3275 | 29000
HASAAQ02 0334 | 725 | 3302 - 3302 | 3962 | 3275 29000
HASAAQ3 0334 | 725 | 3302 - 3302 | 3962 | 3275 29000

B =57*sart (favg)
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Table F.6:

Parameters used for equationsin Table 6.8

. A f, f¢; e, few | = E,

SPECIMEN | %) | (ksi) | (psi) | (psi) | (ps) | (ps) | (ksi) | (ksi)

CIPST-ST 0.442 81.2 3170 - 3170 | 3804 | 3209 | 29000
POSST-ST 0.442 81.2 3480 | 7281 6582 | 7898 | 4624 | 29000
DBLNB-ST | 0334 | 1528 | 3520 | 9788 7965 | 9558 | 5087 | 29000
HTFGB-ST | 0442 | 137.8 | 3620 - 3620 | 4344 | 3429 | 29000
WEDGB-ST | 0.385 167.7 | 3700 - 3700 | 4440 | 3467 | 29000
HASAA-ST | 0.334 | 123.7 | 3580 - 3580 | 4296 | 3410 | 29000

Ec = 57*sart (f’avg)
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Table F.7: Parametersused for equationsin Table6.9

. A f f¢; fid, fe, fte, = E
Specimen ;3 u : . 2 , c. S
P (i) | (ks) | (psi) | (psi) | (psi) | (psi) | (ksi) | (ksi)
POSST-ST | 0.442 60 3480 | 7281 | 6582 8737 | 4624 | 29000
POSSTO1 0.442 60 3200 | 4500 | 4200 500 | 3690 | 29000
POSST02 0.442 60 3200 | 5250 | 4770 6300 | 3940 | 29000
POSSTO3 | 0442 | 60 | 3250 | 5370 | 4870 | 6444 | 3980 | 29000
DBLNB-ST | 0334 | 120 | 3520 | 9788 | 7965 | 11746 | 5087 | 29000
DBLNBO1 | 0334 | 120 | 3440 | 3170 | 3370 | 3804 | 3309 | 29000
DBLNBO0O2 | 0334 | 120 | 3440 | 3180 | 3380 3816 | 3314 | 29000
DBLNBO3 | 0443 | 120 | 3440 | 3180 | 3380 3816 | 3314 | 29000
B, = 57*sort (f’avg)
Table F.8: Parameters used for equationsin Table6.10
, A f fe; e, f f&, Ec E
Specimen L5 . . . &g ; c. S
P (in’) | (ks) | (ps) | (psi) | (psi) | (psi) | (ksi) | (ksi)
POSST-ST | 0442 | 81.2 | 3480 | 7281 | 6582 8737 4624 | 29000
DBLNB-ST | 0334 | 1528 | 3520 | 9788 | 7965 | 11746 | 5087 | 29000

B = 57501t (7 )
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